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The p — y curves are widely used to define lateral pile-soil interaction (LPSI) in a
Beam on Non-linear Winkler Foundation (BNWF) model, where ‘p’ refers to the lateral
soil pressure per unit length of the pile and ‘y’ refers to the lateral relative pile-soil
displacement. The parameters required for a p—y curve definition for normal soil condition
(i.e., non-liquefied soil in this context) are well understood and have been used in practice
with confidence for the last 30 years. However, these parameters for liquefied soil are still
not well defined. For liquefied soil, current practice suggests a reduced strength p—y curve
from its non-liquefied state p — y curve, which still keeps a very high initial stiffness and
low stiffness at large deflection. However, in contrast, many experimental observations
have shown that the initial stiffness of p — y curve in liquefied soil is very small and
increases significantly at large deflection.

This thesis is aimed at investigating the lateral soil-pile response in liquefiable soils
and formulating a reasonable p — y curve to represent this response. A detailed analysis
of a set of centrifuge test results, 1 — ¢ shaking table tests and numerical studies form the
basis of this investigation.

The p — y curve has been back calculated from the centrifuge test results of 13 pile
groups. The study showed that the p — y curve has very small initial stiffness which
increases with increase in pile displacement. The cyclic p — y curves have further been
analysed to estimate equivalent viscous damping of the soil, which has shown quite high
values of damping from liquefied soil, with the damping ratio going up to 50% in some
cases.

To study the p — y curve response directly, a set of 1 — g tests were carried out with
plane strain idealisation of LPSI at a particular depth. The tests have shown that as the
degree of liquefaction increases in the soil, the shape of the p—y curve changes from strain
softening to strain hardening type and the ultimate strength reduces.

Based on the above experimental observations, collated element test data on liquefied
soil and numerical study, a monotonic p—y curve for fully liquefied soil has been proposed.
This p — y curve was derived directly by scaling the stress-strain curve, and hence, retains
the characteristics of the stress-strain behaviour of liquefied soil and also shows qualitative
agreement with the p — y curves observed in some other experiments. However, the
associated limitations of this simplified p—y curve model, which represents a very complex
and nonlinear liquefied soil, indicates the requirement of better experiments to confirm
its form and to provide more robust numerical values for its wide applicability.

To demonstrate the application of the proposed p — y curve model, a well known
case history of Showa Bridge pile failure in liquefiable soils was considered, which failed
during the 1964 Niigata earthquake. The characteristics of the proposed p — y curve were
compared with the p — y curve in conventional practice and its implication in capturing
the failure mechanisms for pile design has been demonstrated. Although, the aim of this
study was not to find the actual cause of Showa bridge pile failure, the analysis captured
some major field observations of the failure by using the proposed p — y curve model.
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Chapter 1

Introduction

1.1 Background

Earthquakes are natural hazards that can cause extensive damage to life and property.
There are about 500,000 detectable earthquakes in the world each year, 100,000 of which
can be felt, and 100 of them cause damage (USGS, 2010). Undoubtedly, the primary
causalities of earthquakes are man-made structures, for example, buildings, bridges, dams,
etc., and the loss of life during earthquakes is rather a consequence of the structural
collapses than a direct impact. As population grows and more buildings are constructed
in seismically active zones, more people are likely to be affected by earthquakes. This
observation is justified by the growing number of casualties and financial losses in some
recent earthquakes, for example, 26 Dec 2004 Sumatra earthquake, 12 May 2008 Sichuan
earthquake, 12 Jan 2010 Haiti earthquake and 27 Feb 2010 Chile earthquake. Often,
ground failures are the direct or indirect causes of the structural failures.

Liquefaction is a type of ground failure where the soil loses its strength significantly.
Liquefaction occurs worldwide, mainly during earthquakes, and is of considerable im-
portance from both safety and economical standpoints. For example, Jefferies & Been
(2006) mentioned that the 1964 Niigata (Japan) earthquake caused more than $1 billion
in damage where most of it was related to soil liquefaction. Liquefaction was the cause
of abandonment of the Nerlerk (Canada) artificial island after more than $100 million
had been spent on its construction. In 1971, Liquefaction at Lower San Fernando dam

(California) required the immediate evacuation of 80,000 people living downstream of the



dam. The Aberfan (Wales) colliery spoil slide in 1966 was caused by liquefaction and
killed 144 people (116 of whom were children) when it inundated a school.

Figure 1.1 shows a classic example of sinking building during the 1964 Niigata earth-
quake due to liquefaction of subsoil, where the foundation of the building was not able
to transfer the superstructure load safely to the ground. The foundation is regarded as
one of the major parts of a structure, be it a building or bridge, where it interacts with
the ground. The basic purpose of a foundation is to hold the superstructure in proper
position by transferring its load to the supporting ground. In the event of soil liquefaction
the foundation may fail to serve the purpose of safe load transmission to the ground and
lead to failure/collapse of the structure. This study is concentrated on a particular type

of foundation, pile foundation in seismically liquefiable soils.

Figure 1.1: A building leaning due to liquefaction of subsoil near Niigata Station during
the 1964 Niigata earthquake (JGS, 1964).

1.2 Introduction to the subject: Lateral Pile-Soil Inter-
action (LPSI) in liquefiable soils

Pile foundations are long slender structural members, which support heavily loaded
structures such as bridges, buildings, jetties or oil platforms (See Figure 1.2 for a typical

use). They are generally preferred where the soils at shallow depth are not strong enough



to bear the structural load. Piles are often considered as an all-safe solution due to their
good performance in extreme loading environments such as those found offshore. However,
this is certainly not true during earthquakes if the structures are in low bearing sandy
soil.

In loose to medium dense saturated sand in undrained condition, moderate to strong
earthquakes or other dynamic events may induce a sharp rise in pore water pressure and
the sand behaves like a solid suspension. In other words, the state of the soil transforms
from solid to fluid, a phenomenon known as “liquefaction,” and such a soil is called “lique-
fiable soil”. During liquefaction, the strength of soil reduces considerably. If this happens
on sloping ground, the liquefied soil may also flow downhill. When a non-liquefied soil
layer is present over liquefied soil, it may also crack and be carried in the same direction
as the liquefied soil flow. This liquefaction induced soil flow is generally known as “lateral
spreading.” In some extreme events, steep slopes on liquefied soil may slip and cause
landslides. Piles founded on liquefiable soil can thus be subjected to lateral force from

lateral soil flow as well as that from the inertia of superstructure during seismic shaking.

Kandla Port and Customs Office Tower (India)

Figure 1.2: A typical use of pile foundation under a building (photograph from: NICEE,
2010). Schematic showing the slenderness of pile foundation in comparison with the
superstructure.

Post earthquake observations provide many examples of pile failure in soft ground

that has lead to partial/complete collapse of the structure. Often, these failures in sandy



soils were attributed to liquefaction and lateral spreading of the soil. Recent strong earth-
quakes continue to show similar kinds of pile failure (Figure 1.3) despite being designed
with high factors of safety. This still poses a great concern to the earthquake engineer-
ing community to ensure safety of new and existing structures on pile foundations in

liquefiable areas.

-San-Froncisco EQ (18 Apr, USA)
-Niigcﬁo EQ (16 Jun, Japan
.Eobe EQ (17 Jan, Japan) Showa Bridge
-Bhuj EQ (26 Jan, Indiq)

_Indian Ocean EQ (26 Dec)

@

(o)

Nishinomiya Bridge (@

d
Chile EQ (27 Feb) <
2010

Bio-Bio Bridge in Concepcion (€)

Figure 1.3: Failure of pile foundations during various earthquakes. (Sources: a) NISEE
(2010), b) NGDC (2010), ¢) NICEE (2010), d) Mondal & Rai (2008), e) Photo by Daniella
Escribano L.)

The aim of the present research is to contribute to the current understanding of pile-
soil interaction in liquefiable soils during earthquakes, especially looking at the modelling
parameters during analysis. Considering the fact that the significant loading on piles
during earthquakes acts in the lateral direction, be it from lateral spreading or inertia,
this study is restricted to “lateral pile-soil interaction in liquefiable soils.” Figure 1.4 shows

the place of this research in earthquake geotechnical engineering spectrum.



Civil Engineering Structures Soil
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(Superstructure}—e Foundation )
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Lateral pile-soil intferaction (LPSI)
in liquefiable soils

(=) =) Gom)

Earthquake Loading on Piles

Figure 1.4: Flow diagram of the research topic.

1.3 Modelling LPSI in liquefiable soils

1.3.1 Current understanding and practice

In practice, there are many methods used to model and design the lateral response of
the pile foundation and one of the widely used models is the Beam on Non-linear Winkler
Foundation (BNWF) model (Figure 1.5). In BNWF model, the pile is treated as a beam
and the surrounding soil is modelled as springs. The BNWF model is preferred in practice
due to its simplicity, mathematical convenience and ability to incorporate non-linearity.
In a BNWF model, LPSI is represented by springs with nonlinear p — y curves, where
‘p’ refers to lateral soil pressure per unit length of pile and ‘y’ refers to lateral relative
pile-soil displacement (Figure 1.5). The parameters required for a p — y curve definition
for normal soil condition (i.e., non-liquefied soil in this context) are well understood and

have been used in practice with confidence for the last 30 years (API, 2000; JRA, 2002).



However, these parameters change for liquefied soil because the soil changes from a solid

to a fluid state during liquefaction and are difficult to estimate.

p-ycuve

Axial load

Inertia load A\

Soil resistance, p

Pile-soil displacement, y

—’\N\/‘—' Lateral soil spring (o-y spring)

f Axial soil spring (#-z spring)
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Figure 1.5: BNWF model of Pile-Soil Interaction (PSI).

Sail

Traditionally, engineers use simple fixes to tackle this complicated situation and
obtain the p — y curve for liquefied soil from the non-liquefied curve by using a reduction
factor, a. Figure 1.6 shows a typical p —y curve based on API guidelines (API, 2000) for
non-liquefied soil and then a reduced strength p—y curve from it for liquefied soil. Though
« is not uniquely defined in literature, many design codes and researchers suggest values
for practical use. For example, Brandenberg (2005) suggested the value of « that ranges
from 0.1 to 0.5 depending on soil’s SPT value. Dobry et al. (1995) suggested relationships
between the degradation parameter for p — y curves as a function of excess pore water
pressure ratio, r,, calibrated from a series of centrifuge model tests.

Instead of BNWF modelling, some codes of practice suggest a limiting force design
approach of soil-pile interaction in liquefiable soil during large relative pile-soil displace-
ment (e.g., lateral spreading situation). The soil springs are replaced with a limiting force
that the pile is experiencing. The Japanese Code of Practice (JRA, 2002), for example,
advises engineers to design piles against a lateral load of 30% of the total overburden

pressure that the liquefied soil applies on the pile. This value is based on back calculation
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Figure 1.6: p — y curve model for non-liquefied and liquefied soil.

of the case histories of structures that performed well in earthquakes, which seems very
high as compared with the suggested value by the design standard for railway facilities in
Japan (RTRI, 1999), which considers the strength of liquefied soil as 1/1000 of its original

non-liquefied strength.

Although, these reduced p—y curve models or limiting force models capture the loss
of strength behaviour of liquefied soil, they do not represent the overall pattern of p —y

behaviour as observed in full scale experiments as discussed in the following section.

1.3.2 Experimental observations and possible mismatch

Some recent experimental investigations show a pattern of p — y curve that is completely
different to that used in current practice, which could have a significant influence in the
analysis. Figure 1.7 shows the observed load-deflection curve of a single pile during a
full-scale test where the soil surrounding the pile was liquefied by blasting (Rollins et al.,
2005). The back-calculated p — y curves showed a significant hardening, where the initial
stiffness of liquefied soil was very small and increased with y. In contrast, the p—y curves
used in current practice has very high initial stiffness that decreases with y. Similar
observations like the above full scale test were also made by Takahashi (2002) in 1 — g

tests and by Wilson (1998) in centrifuge tests.
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Figure 1.7: Observed p — y curve from full-scale testing (Rollins et al., 2005).

1.3.3 Importance of the shape of the p — y curve

The main parameters of a load-displacement (p — y curve) relationship are stiffness and
strength. During transient vibration, the stiffness plays an important role. When the
differential soil-pile movement (y) is small (i.e., the soil is not pushed to its full capacity),
the soil resistance over the pile depends on the stiffness of the p — y curve. In contrast,
when the differential soil-pile movement is large, the resistance offered by soil over pile is
governed by the ultimate strength of the p — y curve. Figure 1.8 shows the soil resistance
(p) for different levels of vibration for two types of p — y curves, a) p — y curve used in
current practice and b) p — y curve observed in experiments. As shown in the figure, the
pile response is expected to be different for the two different shape of the p — y curve. For
the p — y curve as in Figure 1.8a, the higher initial stiffness would induce higher bending
moment in the pile and it may fail due to excessive bending. However, For the p — y
curve as in Figure 1.8b, the lack of initial stiffness will increase the P — delta effect in the
small amplitude vibration, and may promote a buckling failure of the pile. Counteracting
this is the advantage that may be achieved by using the latter model (model-b) due to
the higher stiffness at large differential pile-soil movement, which would prevent/delay
a complete collapse of structure at large strain. The initial stiffness difference between
these two models also changes the dynamic characteristics of the system significantly. The

fundamental period of the model-a is smaller when compared to the model-b, which can



suggest a very different design criteria due to dynamic force consideration.
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Figure 1.8: Importance of the shape of the p — y curve, a) p — y curve for liquefied soil in
present practice, b) p — y curve for liquefied soil as observed in the experiments.

1.4 Scope of present research

Soil behaviour is difficult to model, especially when the effects of liquefaction and seismic
loading are taken into account. The current practice of using a strength reduction factor
method does not represent the actual behaviour as observed in experiments. It also does
not take into account the transient phase in the soil i.e. the soil being transformed from
a solid state to a fluid state during liquefaction. Another major drawback of the present
practice is that the soil has high initial stiffness even at full liquefaction (Figure 1.6) which
is in contrast to many recent observations in full scale and laboratory sample tests (Rollins
et al., 2005, Yasuda et al., 1999) that showed nearly zero initial stiffness in liquefied soil.
While the p—y curves for sand (under non-liquefied condition), soft clay and stiff clay are
well established, the profession still lacks a promising p — y curve for liquefiable soil. It

must be pointed out that the correctness of the analytical solutions obtained by BNWF



model studies depends on the appropriate p — y curve shape being defined. The work

presented in this thesis thus concentrates on two major objectives, which are:

e Understanding the lateral pile-soil interaction in liquefiable soils at both micro and

macro level.

e Defining appropriate p — y curves for liquefied soils.

1.5 Organization of the thesis

This thesis presents the research carried out to achieve the above goals in seven chapters.
This chapter introduces to the subject of present study. Brief outlines of the other chapters

are presented below.

e Chapter 2 reviews the literature related to lateral pile soil interaction modelling in

liquefiable soil.

e Chapter 3 describes the procedure to back calculate lateral resistance of liquefied
soil on piles from 13 pile groups tested in centrifuge. The p—y curves were estimated

for fully liquefied soil and compared with the p —y curves currently used in practice.

e Chapter 4 presents the 1—g shaking table tests which were carried out to understand

the micro level behaviour of lateral pile soil interaction.

e Chapter 5 discusses the method to characterise p — y curves for fully liquefied soils

from the stress-strain behaviour of soil.

e Chapter 6 presents the applicability of the proposed p — y curve model by studying
the well known case of Showa bridge pile failure during 1964 Niigata earthquake.
The important observations from the analysis were discussed in comparison with

the p — y curve model of current practice.

e Chapter 7 summarizes the key findings from the experimental investigations and
numerical study. The limitations of present research and its future scope are pre-

sented.
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Chapter 2

Literature review

2.1 Outline of the chapter

This chapter reviews the literature related to the scope of research described in section
1.4. A brief introduction to liquefaction, behaviour of liquefied soil and its effects on pile
foundations is presented. The stress-strain behaviour of liquefied soils and a theoretical
framework to describe them is presented. The design philosophies for piles in liquefiable
soils are reviewed. The dynamic properties of liquefied soils are discussed and the current

understanding of modelling soil-pile interaction in liquefiable soils is reviewed critically.

2.2 Liquefaction

Liquefaction, in a general sense, means the process of transformation of any material from
a solid to a liquid state. In soil mechanics, it is the phenomenon in which the strength
and stiffness of a soil is reduced significantly during earthquake shaking or similar rapid
cyclic loading.

Liquefaction can occur in saturated sands, silts, and quick clays. It can also occur
in very large masses of sands or silts that are dry and loose but loaded so rapidly that
the escape of air from the voids is restricted (Poulos et al., 1985). High plasticity clayey
soils are highly resistant to liquefaction, and so are generally avoided in liquefaction
study. However, natural soil is a mixture of various types of sand, silt and clay, and the
liquefaction susceptibility varies depending on the amount of each component (Boulanger
& Idriss, 2006; Andrews & Martin, 2000). Although extensive research has been carried

out to understand the liquefaction phenomenon in sandy soils, there is not enough data
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for mixed soil to incorporate them into the main framework of liquefaction behaviour
(Guo & Prakash, 1999). The discussion in this thesis is limited to the liquefaction of
sandy soils.

Sandy soils are cohesion-less granular materials that offer resistance to deformation
mostly due to confinement. The greater the confinement, the higher the resistance (or
strength), and that is the reason why resistance to deformation in sandy soil increases
with depth. Applying deformation to granular materials causes both shear and volumetric
strains, and depending on the initial void ratio they may either contract or dilate. Figure
2.1 shows a typical monotonic stress-strain behaviour of loose (contractive) and dense

(dilative) saturated sand obtained in a triaxial test setup.

40

Dilative

Shear stress, kPa

Contractive

15

Axial strain, %

Figure 2.1: Contractive and dilative behaviour of soil as obtained from triaxial test.

The normal behaviour of contractive and dilative soils is described below.

Contractive soil: When loose sands are monotonically sheared, the sand grains
move to reduce the soil volume (contract) as particles rearrange and fall into voids. When
the undrained soils contract, the pore water pressure increases, decreasing the effective
confinement pressure on the sand grains. Upon loosing the inter-granular contact due to
the reduced confinement, the shear resistance of sand also reduces.

Dilative soil: When dense sands are monotonically sheared, the sand grains tend
to increase in volume (dilate) as particles ride over each other, after a small initial decrease

in volume during rearrangement. The pore water pressure decreases during dilation and

12



the effective confinement pressure increases, which gives rise to the shear resistance of
soil.

Liquefaction, as understood by loss of strength, can only occur in the contractive
soils in undrained condition. Dilative soils are not susceptible to liquefaction as their
undrained strength is greater than their drained strength (Poulos et al., 1985). Figure
2.2 shows schematically the concept of liquefaction and the pore water pressure response

before liquefaction and at full liquefaction.

\
2% —
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0 0
- a a
0] 0]
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Pl u = =
Saturated sand Before liquefaction Full liguefaction
water pressure= v water pressure = p;
p, = Total lateral earth pressure p'#0 p'=0

u = Hydrostatic (pore water) pressure
p' = Effective confining pressure

Figure 2.2: Liquefaction concept in saturated sandy soil.

The above discussion sets out three necessary conditions for liquefaction:
1. soil has to be loose: so that it can show contractive behaviour upon shearing

2. saturated and undrained: so that the pore water pressure can build up during

contraction of soil

3. subjected to required level of shear stress/strain: so that the soil can contract with
the driving shear stress (Poulos et al., 1985 have shown that even contractive soils
are not susceptible to liquefaction unless the driving shear stresses in-situ are large

enough.)

Broadly, loose-to-medium dense sand is categorised as contractive and dense sand is dila-
tive for normal field densities. Below depths of about 20m, evidence of liquefaction is
generally not seen in past earthquakes, as the deeper soils are highly compacted by the

weight of the soil layer above. The evidence of liquefaction in the field after an earthquake
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is normally observed as sand boils as shown in Figure 2.3. As the pore water pressure
increases in the soil during liquefaction, it tries to ooze out (to release the excess pressure)

through ground cracks or fissures and looks like it is "boiling" up from the bed of sand.

Surface before earthquake Sand boil deposit

Ground fissure

Liquefied
soil layer

()

Figure 2.3: (a) Schematic of sand boil during seismic liquefaction of ground. (b) Observed
sand boils during 2001 Bhuj earthquake, India. (Photograph: EERI, 2002).

2.2.1 Effects of liquefaction

Due to significant loss of strength and stiffness during liquefaction, the liquefied soil may

trigger ground failures such as:
1. Soil flow

e Landslide: when liquefied sediments are sitting on a steep slope

e Lateral spreading: when liquefied sediments are on relatively flat terrain with

a gentle slope (about 1°-2").

2. Ground settlement
3. Cracking and breakdown of the top non-liquefied soil layer

If a pile foundation is interacting with any of the types of ground failures, it will be
subjected to kinematic forces from soil deformation. Under such situations the piles may

experience:

1. Loss of lateral confinement in the zone of liquefaction: The piles may deform more

due to the combined action of axial and lateral loads. Lateral confinement from a

14



non-liquefied soil layer may also be reduced if it lies over a liquefied soil layer and

subjected to cracking and disintegration during liquefaction of the underlying layer.

2. Loss of end bearing: If the pile terminates in a liquefied soil layer, it may sink due

to loss of end bearing.

3. Loss of side friction: If the pile, designed as friction pile, terminates in a competent
soil layer passing through liquefied soil layer, it will be subjected to additional
axial resistance demand on the end bearing. If the end bearing cannot sustain the

increased axial load demand, the pile may sink.

4. Additional kinematic forces: The piles in liquefied soil on slopes may get additional
kinematic forces due to the movement of the soil past the pile in landslide or lateral

spreading.

5. Additional load on piles due to the change in dynamic characteristics of the pile-
supported structure. This is because the part of the pile in the unsupported zone
(i.e., the zone of liquefaction) will now be a part of the superstructure and take part

in the vibration during earthquake.

2.2.2 Evaluation of liquefaction potential

The evaluation of liquefaction potential at a site is important to determine whether the soil
is susceptible to liquefaction, and if it is, will that be triggered by the design earthquake?

There are number of different ways to evaluate this, either by laboratory experiments
or by field tests. The laboratory experiments that are employed consist of a) Cyclic
triaxial test, b) Cyclic direct simple shear test, ¢) Cyclic torsional shear test and d) True
triaxial shear test. The field methods used include a) Standard penetration test (SPT),
b) Cone penetration test (CPT), and ¢) Shear wave velocity test (SWVT). These tests
are used essentially to estimate/correlate the cyclic resistance ratio of the soil. The cyclic
resistance ratio is then compared with the cyclic shear stress expected in the soil during
the earthquakes to assess whether it will liquefy or not. A detailed discussion on the

methods of evaluating liquefaction potential can be found in Brennan et al. (2007).
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2.3 Theoretical framework of liquefaction

2.3.1 Definition

A concise definition of liquefaction has been a subject of a long continuous debate in
the engineering community. Poulos et al. (1985) referred to Hazen (1920) as the first
engineer to use the term when he stated that the Calaveras Dam in California had "lique-
fied. " However, Casagrande was regarded as the first person to start detailed laboratory

investigation to understand the behaviour of saturated soil and liquefaction.

In 1936, Casagrande performed a series of drained strain-controlled triaxial tests
and introduced the term “Critical Void Ratio (CVR)” that is attained by both initially
loose and initially dense specimens at the same confining pressure when sheared to large
strains (Kramer, 1996). Performing further tests at various effective confining pressures,
he obtained the critical void ratio line, which constituted the boundary between dilative
and contractive behaviour of soil in drained triaxial compression. From drained triaxial
tests, he hypothesized that in an undrained condition the soil above the CVR line will
liquefy, but below it, it will not. However, he himself contradicted this description in his
1971 lecture to British Geotechnical Society (Casagrande, 1971) and described liquefaction

as a phenomenon where the soil changes from a static structure to a flow structure.

After the 1964 Niigata earthquake and the Alaska earthquake, where there was
extensive damage to structures in liquefiable soils, the study of liquefaction gained mo-
mentum throughout the world. Engineers started to look for systematic procedures to
evaluate liquefaction susceptibility of the ground and to design the structures accordingly.
Laboratory investigations of various types of soil at different stress conditions became one
of the most used tools to understand liquefaction phenomena.

Seed & Lee (1966) defined "initial liquefaction" as a stage in a cyclic load test when
100% pore pressure developed momentarily, irrespective of the shear strength that remains
after that stage is reached.

In 1969, G. Castro as part of his PhD carried out a series of stress-controlled triaxial

tests in undrained samples and introduced a similar void ratio line (like Cassagrande’s

CVR line ) known as the Steady State Line (SSL), which forms the boundary between
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dilative and contractive soil. Castro & Poulos (1977) explained the SSL concept using
a state diagram as shown in Figure 2.4, where the axes are void ratio (e) and effective
minor principal stress (¢%). They described that the soil above the steady state line will
be prone to liquefaction, but the soil below it will not. For example, the soil at point
“A” will contract and reach a steady state void ratio (for both cyclic and monotonic
loading), after which if sheared it will deform with constant void ratio and constant o}.
This behaviour is also called flow liquefaction to distinguish it from other definitions. The
SSL liquefaction concept is different from the CVR line liquefaction concept in that the
former was derived from an undrained test, but the latter was hypothesized from drained
test results. Soil below SSL if loaded cyclically, as in an earthquake, may also suffer
permanent deformations and lose shear strength. This is described as cyclic mobility
and the term was first proposed by Casagrande in 1969 to explain progressive softening
of soil. The stress path during cyclic mobility will follow D to B as shown in Figure
2.4. Although, shear strength reduction is common for both soil states (C and D) during
cyclic loading, cyclic mobility should not be confused with flow liquefaction as the soil in
later case will not fail after the cyclic loading ceases and will regain strength if further
sheared monotonically. These two soil behaviours can be distinguished by an unstable
(liquefaction) and a stable (cyclic mobility) deformation behaviour as shown in Figure

2.5.

Although liquefaction and cyclic mobility were defined as two separate concepts, the
term liquefaction in conventional usage includes both. This is based on the assumption
that liquefaction defines the state of soil which has suffered significant loss of strength
due to the generation of excess pore water pressure (EPWP) rise. The EPWP is defined
as the change in pore water pressure value from its hydrostatic value and the ratio of
EPWP to initial effective overburden is defined as pore water pressure ratio. The most
versatile definition of liquefaction used in the engineering community which supports the
above assumption is the one defined by Seed (1979) as: “the liquefaction is a state of soil

at 100% pore water pressure ratio (PWPR).”

Another advancement in understanding the behaviour of soils that was developed

at the University of Cambridge and Imperial College London is known as critical state
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Figure 2.5: Stable and unstable behaviour of soil under static and cyclic loading, redrawn
after Castro (1987).

theory of soil mechanics (Roscoe et al., 1958). This is similar to the steady state concept
as described by Castro & Poulos (1977), but has the advantage of describing the state
of soil with a purely mathematical formulation based on plasticity theory. Using the
critical state concept, Schofield (1981) defined liquefaction as a class of instability (e.g.,

channeling, piping, boiling, fluidising) seen in soil far on the dry side (refer Figure 2.13-c)
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of critical states near zero effective stress and in the presence of a high hydraulic gradient.
Details of the critical state theory for liquefied soil behaviour will be discussed later in

section 2.3.4.

Ishihara (1993) defined liquefaction as “a state of particle suspension resulting from
release of contacts between particles of sand constituting a deposit. The type of soil most
susceptible to liquefaction is one in which the resistance to deformation is mobilized by

friction between particles under the confining pressure.”

Based on critical state concept and evidence from case histories, Muhunthan &
Schofield (2000) remarked that the 100% pore pressure rise is a necessary condition for
liquefaction but not the sufficient condition. The formation of openings and the presence
of a high hydraulic gradient, which leads to the disintegration of the continuum into clastic

blocks of soil, is another important requirement.

Although every definition discussed above has its own validity in the context it was
defined, the term liquefaction is not generalised enough to describe different types of soil
failure. For example, the definition by Ishihara (1993) and Seed (1979) seems reasonable
in experimental tests to characterise strength loss in soil due to pore pressure rise, but,
the definition by Schofield (1981) is more appropriate to the field cases of soil failure
where different types of mechanism that cause the strength loss in saturated soil (e.g.,

channelling, piping, boiling, etc.) are of importance.

In this thesis, it is required to define the term “liquefaction” which can be studied
quantitatively in experimental tests and is also valid in field applications. Hence, “lique-
faction” here will be used to refer a state of soil in which the effective overburden stress
(0]) falls to near-zero value due to a build up of pore water pressure. The pore water
pressure (u) refers to the pressure of the ground water held in the pores/gaps between
soil particles and is close to the hydrostatic pressure at a no-flow condition. The excess
pore pressure ratio ‘r,’ is defined as the ratio between excess pore water pressure ()

and initial effective overburden stress (o7,) as:

Ty = — (2.1)

vo

Q

Full liquefaction refers to the condition when r, = 1, and no liquefaction is when
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ry, = 0. Partially liquefied soil is characterised with r, values ranging between 0 and
1. Partial liquefaction can occur either due to smaller driving shear stress or partially

drained conditions.

2.3.2 Stress-strain behaviour of soil during liquefaction

To understand a typical stress-strain behaviour of liquefied soil, a laboratory test result
of Nevada sand with the time history of excess pore water pressure at D, = 40% is
presented in Figure 2.6. The test was conducted in an undrained, anisotropic consolidated
stress-controlled cyclic triaxial test during the VELCAS report (Arulmoli et al., 1992) as
reported in Yang et al. (2003). The excess pore pressure plot shows the occurrence of
liquefaction in the test while the excess pore pressure reached 150kPa. The stress-strain
behaviour shows the accumulation of deformation in a cycle-by-cycle pattern. The stiff
curves correspond to the pre-liquefaction case, while the curves with higher deformation
were at full liquefaction. Stiffness had degraded to a very low value for small strains, but,

the soil became stiff again at higher strain due to reduction in excess pore water pressure.

In element tests, the stress state of soil is generally plotted in g — p’ space, where
q is the deviator stress and p’ is the mean effective confining stress. This allows one to
track the stress path taken by the soil during the loading and unloading phases of the
tests. The shear stress, 7, in the soil is half of the deviator stress, ¢. For a soil sample
in a triaxial stress state, the definition of 7, ¢ and p’ can be referred to in Figure 2.7. In
natural soil deposits, p’ is directly proportional to the effective overburden pressure of the
soil, a7.

Ishihara et al. (1975) studied the contractive and dilative behaviour of saturated
sandy soil through a series of monotonic and cyclic triaxial tests. They defined a line
known as the Phase Transformation Line (PTL) in ¢—p’ space, which forms the boundary
between contractive and dilative behaviour of soil during the element tests. Figure 2.8
shows the measured ¢ — p’ behaviour of Fuji sand during monotonic and cyclic triaxial
tests by Ishihara et al. (1975). All the stress paths change from contractive to dilative

or vice-versa when they cross the PTL. This line lies slightly below the failure line (FL).
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Figure 2.6: Time history of excess pore water pressure and stress strain behaviour of
Nevada sand at D, = 40% (Yang et al., 2003).
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Figure 2.7: Definition of 7, ¢ and p’ in triaxial stress state in a soil sample.

The same phenomenon had been studied independently by Luong & Sidaner (1981) and
they described the boundary between contractive and dilative behaviour of the soil as the
characteristic state line. The characteristic state line is essentially the same as PTL. Once
the soil crosses this line it dilates and then follows a path very close to the failure line.
The monotonic load path in Figure 2.8a shows an initial contraction and dilation

thereafter. In the cyclic load path in Figure 2.8b, once the soil reaches a state of zero
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Figure 2.8: Stress path of loose Fuji sand obtained from triaxial tests subjected to (a)
monotonic loading, and (b) cyclic loading (Ishihara et al., 1975).

effective overburden (i.e., full liquefaction), the stress path during loading is always dilative

and closely follows to the failure line (FL).

2.3.3 Post-liquefaction behaviour

The phenomenon when the zero effective stress state occurs for the first time is usually
known as initial liquefaction for cyclic undrained loading, which may classify the lique-
faction behaviour into two parts: pre-liquefaction and post-liquefaction. As liquefied soil
has a very small strength at small strain, the large strain behaviour is often of particular
interest. This is generally studied by applying a monotonic shear to the soil after initial
liquefaction is achieved by cyclic loading. A schematic representation of this loading is
shown in Figure 2.9.

Yasuda et al. (1999) carried out multi-stage triaxial tests where the soil was initially
liquefied by cyclic loading and then monotonically sheared at a constant strain rate.
Figure 2.10 shows the post liquefaction stress-strain behaviour of Toyoura sand at different
relative densities. Similar tests had also been carried out by Vaid & Thomas (1995) on
Fraser River sand at various relative densities and initial confining pressures, the results

of which are presented in Figure 2.11. The tests have shown that the liquefied soil offers
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Figure 2.9: Procedure of applying cyclic and monotonic loading to study post liquefaction
behaviour of liquefied soil (redrawn after Yasuda et al., 1999).

nearly zero resistance for a particular amount of strain and then starts to offer resistance.
The cause of this resistance was attributed to the suppressed dilation with a decrease in
excess pore water pressure. The zone of zero resistance was quite large in liquefied soil
as compared to non-liquefied soil, and it depends largely on initial relative density. The
higher the relative densities (D, ), the lower the zero resistance zones.

Sitharam et al. (2009) conducted a series of cyclic triaxial tests on Ahmadabad
sand (India) to investigate the influence of amplitude of axial strain, relative density and
confining pressure on the post liquefaction undrained response. A typical test result at
70% relative density with different initial amplitude of axial strain to cause liquefaction
is given in Figure 2.12. Similar results were also obtained by other researchers such as
Shamoto et al. (1997), Kokusho et al. (2004) and Hyodo et al. (1998). Their tests have
shown that the undrained stress path (¢ — p’ response) after liquefaction started from the
origin and increased linearly irrespective of the amplitude of axial strain used to induce

liquefaction.

2.3.4 Critical state theory for liquefied soil

The critical state theory of soil mechanics, devised by Roscoe et al., 1958, provides a
strong mathematical framework to describe the behaviour of soils. The theory states that
the soil, if sufficiently distorted, will come into a well-defined critical state where it shears

without any change in stress or volume (Schofield & Wroth, 1968). This state can also be
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Figure 2.10: Triaxial test results by Yasuda et al. (1999).

understood as the end state that soil attains as it is deformed irrespective of the type of
loading. The main advantage of this theory is that if the end-state is known it becomes
simpler to construct well-behaved theoretical models, and you know exactly where you

are going. The soil state in the critical state framework is defined by three parameters,

namely:
1. mean effective confining stress, p’
2. deviator stress, ¢, and
3. specific volume, v.

The specific volume of the soil is defined as 1 + e, where e is the void ratio of the soil.
The critical state of the soil can be depicted as a line in p’ — ¢ — v space (Figure 2.13),
known as the Critical State Line (CSL). The critical state in 2D can be defined in g — p’

space and e — Inp’ space, given by Equations 2.2 and 2.3.
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Figure 2.11: Post liquefaction monotonic response of Fraser sand (Vaid & Thomas, 1995).

q_

;=

M, or M, (2.2)

S|

v=1— Anp (2.3)

M, and M, are defined as the stress ratio in triaxial compression and triaxial ex-
tension, i.e., the slope of critical state line. The soil constant ), is defined as the slope of

CSL in v — Inp’ space, and T is defined as the specific volume of the soil at critical state

25



F . E
() S o}, = 100 kPa; RD = 70% # i i
” f=1Hz o
= a00] [—e-025% 4 200
5 £=03% g %
wy
- &= 04% 100 5
2 100 : : &
W o
5 ——
It:_E —100 12 il )
& ~-1008
w
—300 ; 17 - a
2003
[§4]
—~500 ~300
[b) 800
700 )
£ 600 3"
& 500 -~ a
w
w
% HoH "J; e &= 0-28%
g 400 : e = 03%
3 ——c = 04%
o 200 =
| RD =70%; o} = 100 kPa |
L /_.- | f=1Hz |
a r

0 100 200 300 400 500
Mean p': kPa

Figure 2.12: Triaxial test results at 70% D, with different initial amplitude of axial strain
to cause liquefaction by Sitharam et al. (2009).

corresponding to unit effective overburden pressure, p'.

In ¢ — p’ space, the CSL can be defined as a straight line starting from the origin.
The CSL lies very close to the failure line, just below it in the compression zone and just
above it in the tension zone. A schematic representation of PTL, FL and CSL in ¢ — p’
stress space is shown in Figure 2.14 along with monotonic and cyclic undrained behaviour

of sand.

2.3.5 Description of element test results by critical state theory

In the framework of triaxial element test results, when the ultimate strength of the soil
is mobilised, the stress ratio in triaxial compression (7.) and in triaxial extension (7.)
can be different (MuirWood, 1990). Mathematically, 7. and 7. can be written using the
Mohr-Coulomb failure criterion as (Schofield & Wroth, 1968):
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Figure 2.13: (a) Schematic representation of three dimensional view of critical state line;
(b) CSL in ¢ —p’ plane; (¢) CSL in v—In p’ plane, redrawn after Schofield & Wroth (1968)

and Muhunthan & Schofield (2000).

6 sin ¢’
e = —— 2.4
le= 37 sin ¢’ (24)

o

ne = % (2.5)
where, ¢’ is the angle of friction mobilised during shearing.

The ¢ of a sand depends on its critical state angle of friction (¢.s) and dilatancy

behaviour. Sand dilates with shearing at a rate that increases with increasing relative

density (D, ) and decreases with increasing effective confining stress (p’). The dilatancy of

the soil vanishes when it reaches critical state, either due to volume change in a drained
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Figure 2.14: Schematic description the stress state (in ¢ — p’ space) of dilative and con-
tractive behaviour of liquefiable soil in an undrained test.
element test or, effective pressure change in an undrained element test. For liquefied soil,
the post liquefaction response is always dilative, but it is suppressed due to undrained
condition and follows a straight stress path on CSL upon continuous shearing. Exper-
imental evidence (e.g., Vaid & Thomas, 1995; Sitharam et al., 2009) also suggests that
the post liquefaction deformation progresses with a constant stress ratio irrespective of
its state of relative density. This response nearly corresponds to the critical state of the
soil.

Hence, while estimating the stress ratio for post liquefied behaviour of soil in triaxial
compression and extension, ¢’ can be replaced by ¢., in Equations 2.4 and 2.5. The
equation for stress ratio at critical state in triaxial compression (M.) and extension (M)

can hence be written as:

6 Sin @

M,= ———
3 — Sin Qe

(2.6)
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(2.7)

For sandy soil, the value ¢.; depends mainly on its mineralogy and the shape and size
of the particle and its gradation (Atkinson, 1993; Bolton, 1986). It can also be obtained
directly from the g — p’ plots of the element tests in which the critical state is reached.
The effect of stress path on critical state friction angle, ¢., has been studied by several
researchers, which showed that ¢.s is higher for plane strain conditions than for triaxial

conditions, a good discussion on this is given by Chakraborty & Salgado (2010). Typical

values of ¢, are collated in Table 2.1.

Table 2.1: Some typical and specific values of critical state angle of friction for sandy soil.

Type of soil Critical state angle of = Reference(s)
friction (¢cs)
Typical granular
soils
River sand 32° Atkinson (1993)
Decomposed granite 39° Atkinson (1993)
Carbonate sand 40° Atkinson (1993)
Specific soils
Toyoura sand, Japan 31.2°- 34.4° (Triaxial Chakraborty & Salgado
compression) (2010)
34.5°- 38.0° (Plane shear)
Ahmedabad sand, India  35.5° (Triaxial measured from the tests
compression) by Sitharam et al. (2009)
Ottawa sand, Canada 28.5° Imam et al. (2005)

2.4 Dynamic properties of liquefied soil

The dynamic properties of liquefied soil can be characterised by four major parameters;
stiffness, strength, damping and viscosity. The next section will discuss these properties

in detail.

2.4.1 Stiffness

The shear modulus (G) is normally used to represent soil stiffness. On this, Eurocode 8

says: “Due to its influence on the design seismic actions, the main stiffness parameter of
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the ground under earthquake loading is the shear modulus G, given by G = pv?, where p
is the unit mass and vy is the shear wave propagation velocity of the ground.” O’Rourke &
Liu (1999) collated data that quantify the stiffness of liquefied soil. They refer to Takada
et al. (1987), who developed an equivalent soil spring to model pipes in liquefied soil,
and proposed that the stiffness of the liquefied soil may range from 1,/1000 to 1/3000 of
that for non-liquefied soil. O’Rourke & Liu (1999) also reported that the stiffness may
range from 1/100 to 3/100 that of non-liquefied soil, a finding based on model studies by
Yoshida & Uematsu (1978); Matsumoto et al. (1987); Yasuda et al. (1987) and Tanabe
(1988).

Yasuda et al. (1998) carried out a set of torsional shear tests to study post liquefac-
tion behaviour of several sands. The sands studied included two clean sands from Japan
and Turkey (Toyoura sand and Istanbul sand), one gravelly sand with fines (Masa sand)
and one mixed sand (Istanbul sand with 10% silt). The study showed that the stiffness
(G) of soil at full liquefaction had reduced to less than 1/1000 the initial stiffness.

More recently, Ghosh (2003) carried out centrifuge tests at Cambridge University
to measure the variation of shear wave velocity ‘vs’ for both pre-earthquake and post-
earthquake conditions of soil, and then estimated the shear modulus G. Figure 2.15
shows the test results where v; decreased to 15m/s at full liquefaction as compared to
150m/s at the pre-earthquake state. This implies a 100 fold decrease in shear modulus

due to liquefaction.
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Figure 2.15: Typical stiffness degradation of saturated sandy soil during different mag-
nitude earthquake. Stage I: Pre earthquake condition, Stage II: Medium strength earth-
quake, no liquefaction, Stage III: Strong earthquake that caused liquefaction.

The above discussion has shown a possible significant loss of stiffness, however, these
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are mainly reflecting the small strain behaviour. The large strain behaviour is expected

to yield higher stiffness as discussed in section 1.3.2.

2.4.2 Strength

Several definitions do exist that define the shear strength of liquefied soil; examples in-
clude undrained steady state strength (Poulos et al., 1985), undrained residual strength
(Seed, 1987) and undrained critical strength (Stark & Mesri, 1992). The definition used
here is taken from Olson & Stark (2002) as it is very general and does not imply any
correspondence to laboratory test conditions. It states that “the liquefied shear strength
Sy 1s defined as the shear strength mobilised at large deformation after liquefaction is

triggered in saturated contractive sandy soils.”

Poulos et al. (1985) proposed a laboratory based procedure to estimate the in-
situ value of s, from undrained tri-axial test data (Figure 2.16). Kramer (1989) argued
that these laboratory methods may not be a good representation as a slight error in
estimating the in-situ void ratio during sample preparation may cause a large difference
in the estimated shear strength. Poulos et al. (1985) also hypothesized that s, depends
solely on the void ratio after consolidation. However, studies by Vaid & Thomas (1995)
showed that s, may also be influenced by the mode of shear, the effective confining stress
and sample preparation method.

In contrast, Seed (1987) proposed a relationship between s, and SPT blow count
value (N7_go), which was based on back-analysis of 17 case histories of liquefaction flow
failure. This was later updated by Seed & Harder (1990) and is being used as state-of-
the-practice despite the uncertainties implicit in back-calculation procedures (Olson &
Stark, 2002). Figure 2.17 shows the s, values proposed by Seed & Harder (1990) for clean
sand corrected SPT blow count. The figure shows that the upper bound value of strength
varies between 11kPa and 32kPa, whereas the lower bound value varies between OkPa and
25kPa. This value is very low as compared to standard strength of soil expected at site in
normal conditions. We can note that Eurocode 7 (Eurocode, 1998) suggests soil having
an s, less than 15kPa is very weak and does not bear enough strength to resist lateral

deflection of piles, as is evident from this clause:
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Figure 2.16: Steady state strength of liquefied soil (s,) as proposed by Poulos et al. (1985).

“Slender piles passing through water or thick deposits of very weak soil need to be
checked against buckling. This check is not normally necessary when piles are completely

embedded in the ground unless the characteristic undrained shear strength is less than

15kPa”.

Recently, Eurocode

STEADY STATE SHEAR STRENGTH, S, psf {1psf & 0.05 kPa)

the reason of this reduction is not apparent in the literature.

Figure 2.17: Maximum residual strength of liquefied soil obtained from case histories
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The shear strength criterion has been further modified by Stark & Mesri (1992), and
then improved by Olson & Stark (2002). The relationships proposed by Olson & Stark
(2002) based on SPT blow count and CPT tip resistance are given in Figures 2.18 and

2.19, respectively.
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Figure 2.18: Liquefied strength ratio based on normalized SPT blow count as proposed
by Olson & Stark (2002).
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2.4.3 Damping

Damping of the soil can have significant influence on the pile-soil interaction during earth-
quakes or dynamic loadings. Although, extensive studies have been carried out to evaluate
the damping of soil in general for shear strains not more than 1% (v < 1%), the literature
is very limited on damping for liquefied soil subjected to large strains.

Sitharam et al. (2004) conducted strain controlled cyclic triaxial tests to study the
effect of relative density on damping ratio for a given confining pressure. Two sand samples
with relative densities (D,) of 30% and 70% were prepared and tested under a confining
pressure of 100kPa. The tests were conducted at a constant cyclic axial strain of varying
magnitudes. The cyclic axial strain was sinusoidal and applied at a frequency of 1Hz.
The estimated damping ratios for different levels of peak shear strain are shown in Figure
2.20. These results show that the effect of relative density on damping ratio was not very
significant. However, a higher damping was observed with higher strain and the variation
was nearly linear in the range of 0.1% to 5% strain in log scale. About 30% of damping

was observed at 5% strain in the saturated soil sample loaded cyclically.
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Figure 2.20: Damping from laboratory tests on saturated sand (Sitharam et al., 2004).

Recently, Kamijo et al. (2004) conducted a series of full scale experiments of a pile-

supported structure in a liquefiable sand deposit. The experiments were conducted in
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a test pit back-filled with 100% water saturated clean sand. Large amplitude ground
vibration was applied by mining blasts near the test pit. Figure 2.21 shows the ex-
perimental model and the measured natural frequency and damping of the structure.
Using measured ground motion inputs and structural responses, dynamic properties of
the soil-pile-structure system such as the natural period and damping were identified by
fitting test records to the single-input-multi-output auto regression model. They observed
significant decrease in fundamental period and increase in overall damping of the struc-
ture at full liquefaction as compared to the no-liquefaction case. The effective damping at
no liquefaction condition (Test-1) was less than 7%, whereas, it was considerably higher

with a value of about 20-40% for fully liquefied state (Test-3).
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Figure 2.21: Full scale experimental setup (Kamijo et al., 2004) used for dynamic soil-pile
interaction study in liquefiable soils.
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2.4.4 Viscosity

It has been seen that liquefied soil offers very low resistance to deformation and the sand
particles are in a near suspension state. Based on this hypothesis, attempts have been
made by various researchers (Towhata et al., 1992; Uzuoka et al., 1998 and Hadush et al.,
2000) to treat it as a thick fluid and many experiments were carried out to obtain viscosity
of liquefied soil. They modelled the resistance of a pile in soil as the drag force in an
incompressible fluid which can be estimated by knowing the viscosity of fluid, the relative
velocity of the fluid and the size of the object. Hwang et al. (2006) collated various tests
to estimate the viscosity of liquefied soil, as shown in Figure 2.22. For example, Kawakami
et al. (1994) measured the viscosity of Toyoura sand (this sand is studied later in chapter
3 in the centrifuge test) to be about 20Pa-s. They also developed a relationship between
viscosity and shear strain rate where the viscosity decreases with increase in strain rate.
Uzuoka et al. (1998) used a fluid mechanics based model to estimate the deformation of
slopes on liquefied soil and the loads applied by these flowing slopes to underground walls

in shaking table tests.
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Figure 2.22: Viscosity of liquefied soil obtained by various researchers (Hwang et al.
(2006)). [Present study in the figure refers to the study carried out by Hwang et al.
(2006) on liquefied Jumoonjin sand|
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Takahashi (2002) carried out 1—g experiments to study the lateral resistance of a pile
in liquefied soil for different strain rates and concluded that the resistance increases with
an increase in strain rates. This observation supports the hypothesis that the liquefied
soil can be treated as a fluid where the loading rate affects lateral resistance. However,
he argued that this assumption may not be suitable for the recent performance-based
approach to pile foundations where it might be very difficult to determine the relative
pile-soil velocity during the period of the shaking.

On another account, although viscous assumption of liquefied soil gives a good
prediction of the drag force a pile may experience while subjected to soil flow, it cannot
model the phase change behaviour of soil. Liquefied soil in an undrained condition, while
subjected to large strain, can dilate and the interlocking of sand particles again makes it
behave like a solid. It is not possible to represent this behaviour with a fluid mechanics

assumption which considers that the material is fluid throughout the analysis.

2.5 Design philosophy for piles in liquefiable soils

The predominant loads acting on a pile in liquefiable soils during an earthquake can be
classified into two categories: (a) loads from the superstructure (e.g., axial load, inertial
load, etc.) and (b) loads from the soils (e.g., lateral kinematic load from lateral spread-
ing soil, vertical kinematic load from soil settlement, etc.). The failure mechanism of a
structural element is one of the prime parameters on which a design philosophy is based.
Ignoring a possible failure mechanism in the design phase (i.e., ignoring a safety check for
a possible cause of failure) may lead to a disaster, as has been learnt from many events
in the past (Bhattacharya et al., 2008).

The major school of thought considers that the pile foundations in liquefiable soils

subjected to seismic shaking may fail due to:

e excessive settlement,
e shear,
e bending,

e static instability, or
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e dynamic instability.

Of these mechanisms, bending due to liquefaction induced lateral spreading of the ground
is often regarded as the root cause of many pile foundation failures during earthquakes,
see for example: Hamada (1992a,b); Ishihara (1997); Tokimatsu et al. (1998); Goh &
O’Rourke (1999); Abdoun & Dobry (2002); Finn & Fujita (2002). However, buckling
instability has been studied recently as another possible mechanism of pile failure in lig-
uefiable soils; e.g., Bhattacharya (2003); Bhattacharya et al. (2004); Kimura & Tokimatsu
(2005); Knappett & Madabhushi (2006) and Shanker et al. (2007). The design philoso-

phies based on these two major failure mechanics are described below.

2.5.1 Bending philosophy

In many major earthquakes where extensive liquefaction has been observed, permanent
lateral deformation or lateral spreading of soil has been reported to be the main source of
distress in piles (Abdoun & Dobry, 2002; Finn & Fujita, 2002). The current understanding
is that lateral spreading induces bending in the pile, and the design codes check the
bending moments in piles caused by lateral spreading of the ground. The movement of
the superstructure can also induce bending moments in the pile.

However, Ishihara (1997) noted that during an earthquake soil liquefaction starts at
approximately the instant of peak acceleration. He argues that since the seismic motion
has already passed its peak, subsequent shaking will be less intense, so that the lateral
force applied by the superstructure will not be significant. Therefore, the effects of inertia
of the superstructure on the pile stresses are considered separately and are not combined
with the lateral spreading effects.

Eurocode 8 (Eurocode, 1998) advises designers to design piles against bending due
to inertia and kinematic forces arising from the deformation of the surrounding soil rec-
ommending that piles should be designed to remain elastic, but that the sections at the
pile cap and at the interfaces between layers of soil with markedly different properties
should have the capacity to form plastic hinges. Eurocode 8 (part 5 clause 5.4.2) also
suggests that the side resistance offered by the soil layers susceptible to liquefaction shall

be ignored.
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The Japanese Code of Practice (JRA, 2002), for example, advises engineers to design
piles against bending failure assuming there is a non-liquefied crust and the liquefied soil
applies a lateral load of 30% of the total overburden pressure to the pile. Other codes,
such as NEHRP guideline (NEHRP, 2000) and Indian Code IS 1893 (IS-1893, 2000), also
focus on bending strength of the pile. In summary, the current philosophy of pile design
simply treats them as beams and assumes that the lateral loads due to inertia and soil

movement cause bending failure of the pile.

2.5.2 Buckling philosophy

Buckling instability of the pile may be regarded as static or dynamic depending on the
loading condition. The main idea of the buckling mechanism is that, during liquefaction,
the pile suffers a significant loss of lateral support in the liquefied zone. If the axial load
is very high (i.e., near to the critical buckling load), buckling instability of an end-bearing
pile may occur promoted by the actions of lateral loads and/or imperfections. Normally,
this form of failure may happen if the pile is not sufficiently embedded in competent soil
below the liquefiable soils, and the depth of liquefied soil is deep enough to make the pile
to behave as a long slender column with high axial load.

In some cases the pile tip may rest in the liquefiable zone. This situation may pose
a threat to the overall stability of the pile supported structure in a major seismic event.
This form of failure has been explored through the study of the Kandla Port and Customs
Office Tower failure during 2001 Bhuj Earthquake by Dash et al. (2009).

2.5.3 Interaction of design philosophies

When piles in liquefiable soils are subjected to an inertia load from a superstructure
and/or kinematic force from a lateral spreading soil, they may be damaged structurally
due to higher bending moment or shear force or may buckle due to higher axial load and
lower lateral resistance from soil. It may also be possible for pile supported structures to
sink in liquefied soil in level ground due to loss of bearing. Though there may not be any
structural damage due to sinking, the whole structure will fail to meet the serviceability

condition.
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It is also recognised that the failure of piles in liquefiable soils is governed either by
individual mechanisms or any of their combinations (Dash et al., 2009; Dash et al., 2010a
and Dash & Bhattacharya, 2007). The mechanisms identified and their possible interac-
tions are shown in Figure 2.23. Their study showed that the piles designed for individual
failure mechanisms according to current state of practice may be unsafe considering the
interaction of the mechanisms. A detailed numerical study has been carried out in chapter
6 to understand the interaction of two major failure mechanisms and its effect on lateral

pile soil interaction.
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Figure 2.23: a) Schematic showing the individual mechanisms of pile failure, and b) their
possible interaction.

2.6 Observations of pile failure in past earthquakes in
liquefiable soils

Recorded failures of pile supported structures in liquefiable soils go back to the early 20"
century, for example: failure of Salinas Bridge pier during 1906 San Francisco earthquake
(USA) due to the tilting of supported pile due to soil softening (Meymand, 1998). How-
ever, only since the 1964 Niigata and Alaska Earthquakes, a significant amount of research
has been carried out to understand the response of pile foundations in liquefiable soils. As
earthquakes are very rapid events and most of the damage to the piles occurs beneath the
ground, it is hard to ascertain the detailed pattern of failure unless deep excavations are
carried out. Twenty years after the 1964 Niigata earthquake, and following the 1995 Kobe

earthquake, investigations have been conducted by excavating and extracting some of the
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damaged piles from the subsoil (Yoshida & Hamada, 1991). The detailed field investiga-
tions provided important information about the location of cracks and damage patterns
for the piles. Figure 2.24 shows the result of one such excavation where extensive damage
was observed in the piles of the NHK building that had tilted during the 1964 Niigata
earthquake (Tazoh, 2007) where the site was subjected to ground liquefaction. The piles
were severely damaged with the reinforcement exposed. Figure 2.25 shows details of a
failed pile of the NHK building. Another pile failure of a building in liquefiable soil during

1995 Kobe earthquake is shown in Figure 2.26.

Figure 2.24: NHK Building suffered damage to its pile foundations during 1964 Niigata
earthquake and tilted 76° on its long span. But, the damage pattern of pile was observed
only after being excavated 20 years after the earthquake (Tazoh, 2007).

Main observations

Liquefaction and related phenomena have been responsible for large amounts of structural
damage in historical earthquakes around the world. A useful collation of case histories of
damage to pile foundations can be found in Mizuno (1987), Bhattacharya (2003), Finn
(2005), Brandenberg (2005), Madabhushi et al. (2009), which mainly present the pile foun-
dation performances from post earthquake surveys. Dash et al. (2010a) studied 15 well
documented case histories in liquefiable soils to investigate the governing mechanism(s)
of pile failure. Some of the major inferences from the above study, mainly regarding the

structural nature of pile damage, can be summarised as below.

1. In some cases, the displacement of the piles was found to be in line with the horizon-

tal displacement of the ground (Yoshida & Hamada, 1991). This could be the reason
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Figure 2.25: Excavated pile of NHK Building (Tazoh, 2007).
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Figure 2.26: Failure pattern of a pile foundation under a building in Kobe city after 1995
Kobe earthquake (Tazoh, 2007).

to consider lateral spreading as the major cause of failure to piles in liquefiable soil,
which overlooks the possibility of buckling instability as discussed by Bhattacharya
et al. (2005).
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2. Cracks in piles were observed mostly near the bottom and top boundaries between
liquefied and non-liquefied layers. However, in some cases they were present at
intermediate depths (see for example Figure 2.26), and in few cases at the middle

of the liquefied layer.

3. Large diameter piles performed well during earthquakes. For example, the 0.5m
diameter RCC piles of old jetties at Kandla port suffered damage to the upper part
of the pile due to cracking during the 2001 Bhuj earthquake. In contrast, in the same
area, the 1.0m diameter RCC piles on the new jetties and the concrete-filled-steel

tubular piles performed well.

4. Failure of foundations not only occurred in laterally spreading ground but was also
observed in level ground where no lateral spreading would be expected. This sup-

ports buckling instability as another failure mechanism of piles in liquefiable soil.

5. In some cases of moderate ground displacement, the failure can be described due to

the combined effect of axial load and lateral force from soil flow.

As per the current understanding of pile design philosophies (section 2.5), the first and
second observation listed above support the theory of bending. The theory of buckling is
supported by third and fourth observation. However, neither bending nor buckling theory
could explain the formation of plastic hinges in the pile at intermediate depths, especially
in the middle of a liquefied soil layer. A better representation of pile-soil interaction in
liquefiable soil is therefore necessary to investigate, which may describe the possibility of

plastic hinge formation at intermediate depths.

2.7 Modelling of lateral pile soil interaction

2.7.1 Major LPSI Models

Mainly, LPSI is modelled in three ways such as:

1. Subgrade reaction approach: (Figure 2.27a): In the subgrade reaction approach,

the stiffness of the soil is defined by a mathematical formulation and the analysis
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is carried out considering a flexible pile of finite length embedded in a semi-infinite
soil medium (Spillers & Stoll, 1964; Poulos, 1971; Banerjee & Davies, 1978 and Koo
et al., 2003). This is the most simple type and preferable for small strain analysis

where the soil response is in the linear range.

. Continuum approach: (Figure 2.27b): In this approach, the pile and soil are
modelled as a continuum with a finite element mesh (Kuhlemeyer, 1979; Randolph,
1981; Wu & Finn, 1997 and Zhao et al., 2008). This is preferable where compli-
cated geometry and non-linearity of the system are essential modelling parameters.
However, its use is limited by the large computation time and the need of specialist

knowledge.

. Spring approach (BNWF model): (Figure 2.27¢): This approach is also known
as Beam on Nonlinear Winkler’s Foundation (BNWF) model. Here, soil-pile inter-
action is represented by independent springs lumped at discrete locations (Hetenyi,
1946; McClelland & Focht Jr, 1958; Matlock, 1970; Reese et al., 1974; Makris, 1994
and Thavaraj et al., 2010). The non-linearity in the interaction is assigned as a
spring property. This method has gained popularity in the years over the other two
methods due to its simplicity, mathematical convenience and its ability to incorpo-

rate non-linearity. Use of this model for a LPSI problem is discussed below.

(@) (b) )

Subgrade reaction approach Continuum approach Spring approach

Figure 2.27: LPSI modelling techniques.
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2.7.2 BNWF model for LPSI

The BNWF model for LPSI maintains the subgrade reaction idea but replaces the contin-
uous soil reaction function by discrete point spring reactions. The finer the distribution
of these discrete points, the better is the analysis result. By specifying the springs with
properties that mimic the reaction behaviour observed in full-scale field tests a far more

realistic depiction of LPSI in the analysis is obtained.

In seismic analysis, the BNWF model may either be pseudo-static or dynamic ac-
cording to the requirements. For pseudo-static BNWF (Figure 2.28a) the dynamic seismic
forces are computed and applied statically on soil-pile system. The basic differential equa-
tion of this model used by JRA (2002) for piles subjected to lateral forces is expressed as
Equation 2.8.

d'y

Eply dz4

+hky=F (2.8)

where, E,I, = flexural stiffness of pile, ks = spring constant of soil (it can be a

constant value or nonlinear dependent value), and F;= force on pile in the direction of y.

Finn (2005) suggested that the seismic analysis could be improved potentially by
using a dynamic BNWF model for soil-pile interaction (Figure 2.28b). This model in-
cludes the inertia and damping behaviour of soil, which is ignored in the pseudo-static
method. The governing differential equation for dynamic BNWEF model can be expressed
as Equation 2.9.

dy Py dy

+m— +c— + kyy=F (2.9)

E”]p@ dez ' dt

In BNWF model, the stiffness and the damping are two parameters that change
significantly during liquefaction and can influence the pile response in liquefiable soil.
Hence, their appropriate definition in the BNWF model is of paramount importance.
Major discussion in this thesis is given to the stiffness parameter for a pseudo-static

model for liquefied soil.
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Figure 2.28: (a) Pseudo-static BNWF model (JRA, 2002). (b) Dynamic BNWF model
(Finn, 2005).

2.8 Lateral spring property definition in BNWF model

As discussed earlier, the lateral pile-soil interaction (LPSI) in a BNWF model is repre-
sented by lumped soil springs with nonlinear backbone curves, called p — y curves, where
p refers to lateral soil pressure per unit length of pile and y refers to relative soil-pile
displacement (see Figure 1.5). The following section describes the state-of-the-art under-
standing of p — y curve models for liquefied soils followed by a brief introduction to p —y

curve models in non-liquefied soils.

2.8.1 p —y curves for non-liquefied soils

Some codes of practice, e.g., API (2000) and JRA (2002), suggest p — y curves for static
loading conditions. For seismic loading conditions, these static p —y curves are frequently
used with little modification, as the dynamic p — y curves have not yet been well es-
tablished. Hence, in seismic analysis, the modified static p — y curves are used with
pseudo-static analysis. Tables 2.2 and 2.3 briefly present the method of p — y curve con-
struction as suggested by API (2000) and JRA (2002) respectively. While API (2000)

suggests a hyperbolic p—y curve, JRA (2002) advises the use of elasto-plastic p—y curve.
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Table 2.2: p — y curve estimation as per API (2000) guidelines for non-liquefied soil.

’ Steps Parameter Computational formulation ‘

L. Estimate ultimate soil resistance at  pys = (C1h + CoD)olh
shallow depth, pys

2. Estimate ultimate soil resistance at  pyq = C3Dolh
deeper depth, pyq

3. Determine ultimate soil resistance Lower value from that calculated in step
to be used in p — y curve 1 and 2.
formulation py,

4. Obtain adjustment coefficient for for static loading: (3 — %) >0.9
static and cyclic loading, A for cyclic loading: 0.9

5. Formulate p — y curve p = Apy tanh(f—&y)

A, Cq, Cy, C3 : Coefficients as defined in API (2000).

Table 2.3: p — y curve estimation as per JRA (2002) guidelines for non-liquefied soil.

’ Steps Parameter Computational formulation ‘

1. Estimate coefficient of horizontal From fundamental soil properties.
ground reaction, Ky, and
horizontal passive earth pressure,

Pup
2. Estimate initial stiffness of p —y Kyp = npap Ky
spring, Ky
3. Estimate ultimate soil resistance p,  pu = NpopPup
4. Construct elasto-plastic p—y spring  Stiffness = Ky g, Ultimate resistance, p,

Mp, Op, Mk, @ = Correction coefficients as defined in JRA (2002).

2.8.2 p —y curves for liquefied soils: Current practices

p—multiplier (o) model:

To define the p — y curve for liquefied soil, the curve for the same soil in non-liquefied
condition is evaluated and a strength degradation factor is used. This strength degrada-
tion factor is normally known as the p-multiplier () and has been defined with respect
to the SPT blow count N;_go by various codes of practice and researchers. Figure 2.29

shows the use of the p—multiplier schematically and gives different o values suggested by

JRA guidelines (JRA, 2002), RTRI guidelines (RTRI, 1999) and Brandenberg (2005).

C\,~ factor model:

Liu & Dobry (1995) suggested a strength degradation factor (C,) for liquefiable soils

according to the degree of liquefaction. From a series of centrifuge tests, they have arrived
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Figure 2.29: (a) p — y curve for liquefied soil in p-multiplier model, (b) p-multiplier («)
values according to SPT value of soil.

at a degradation factor which varies linearly with excess pore pressure ratio (i.e., C, =
1 —r,). Figure 2.30 shows the C, factor and its application in the p — y curve model for

liquefied soil.
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Figure 2.30: p — y curve with C, factor according to degree of liquefaction (after Liu &
Dobry, 1995).

Residual strength model:

Many researchers assume that undrained liquefied soil behaves like clay. On this assump-
tion, Goh & O'Rourke (1999) developed a normalised p —y curve based on a series of FE
analysis and compared them with dynamic centrifuge test results. The undrained shear
shear strength of clay was replaced by the residual shear strength (s,) of the liquefied

sand. Figure 2.31 shows the proposed p — y curves for both smooth and rough pile-soil
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interface in liquefied soil.

E L Theoretical peak, rough pile (Randolph and Houlsby, 1984)
3
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Figure 2.31: p —y curve based on residual strength of liquefied soil (redrawn after Goh &
O’Rourke (1999)).

p —y — u model:

Haigh (2002) proposed the p—y curve for liquefiable soils to be a soft type clay model, but
he included the pore water pressure ratio (r,) as another variable to construct a family
of p —y curves for different degrees of liquefaction (Madabhushi et al., 2009). This model
in fact combines the concepts of above two models, i.e., residual strength and C\-factor
models. Figure 2.32 shows the p — y curves for four different degrees of liquefaction.
Curves with higher shear resistance are associated with weak earthquakes which may
result in low pore pressure ratios, while the lower shear resistance curves represent strong

earthquakes that may result in high pore pressure ratio.

Combined dilative and residual p — y model

Based on a series of centrifuge tests under liquefied conditions, Knappett & Madabhushi
(2009) have suggested a p — y spring model for liquefied soil as shown in Figure 2.33. This

p — y curve combines both dilative and residual behaviour of soil.
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2009).
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Figure 2.33: Combined dilative and residual p — y curve proposed by Knappett & Mad-
abhushi (2009).

Zero strength model:

In contrast to all the above models, in order to achieve a conservative design, some
codes of practice advise ignoring the strength of liquefied soil. For example, Eurocode 8
(part 5, Sec. 5.4.2 of EC8, 1998) advises to ignore the side resistance of soil layers that
are susceptible to liquefaction or to substantial strength degradation while analyzing pile
foundations. Similarly, IS-1893 code prescribes that “The piles should be designed for
lateral loads neglecting lateral resistance of soil layers liable to liquefy.” Some researchers,

e.g., Bhattacharya et al. (2005), also consider zero strength representation for liquefied
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soil layer while analysing soil-pile interaction.
All of the p — y curve models in current practice except the zero strength model
assume high initial stiffness in liquefied soil, which is in contrast to many experimental

observations as discussed below.

2.8.3 p —y curves in liquefied soils: Experimental observations
2.8.3.1 Centrifuge test

Wilson (1998) conducted a series of centrifuge tests with liquefiable Nevada sand at two
different relative densities, D, = 35% and 55%. His experiments are considered to be the
first dynamic characterisations of p—y curves in liquefied soils from centrifuge model tests
(Brandenberg et al., 2005). The test piles were instrumented with strain gauges and the
recorded strains were used to back-calculate p — y curves at each time step. Figure 2.34
shows the p — y curves during three shaking events at two different relative densities. The
results were also compared with API (2000) monotonic p — y curves for the same sand
for non-liquefied condition. At full liquefaction, the lateral soil resistance for the loose
sand (D, = 35%) was small, even for large relative lateral displacement (y/D ~ 0.1).
In contrast, the medium dense sand (D, = 55%) exhibited a peak resistance followed
by a softening. The p — y curves have shown characteristics that are consistent with
the undrained stress-strain behaviour of liquefying sand (e.g., Yasuda et al., 1999, Vaid
& Thomas, 1995) (see Figures 2.10 and 2.11), including the effects of relative density,

dilation, cyclic degradation, and displacement history.

2.8.3.2 Full scale field test

Rollins et al. (2005) carried out a series of full scale tests of single piles and pile groups
following blast-induced liquefaction to evaluate pile-soil-pile interaction effects. From the
bending moment data along the depth of pile, p — y curves were back-calculated using
conventional beam theory. Figure 2.35 shows the measured load deflection behaviour for a
single pile and pile group before and after liquefaction. The lateral resistance of each pile
in the group was similar and about the same as that for the single pile test. Similar to the

observations by Wilson (1998) in centrifuge tests, the stiffness of the back-calculated p—y
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Figure 2.34: p —y curve for liquefied soil back-calculated from centrifuge tests from three
shaking events (Wilson et al., 2000). (a) D, = 35%, Maximum base acceleration = 0.45g;
(b) D, = 55%, Maximum base acceleration = 0.22g; (¢) D, = 55%, Maximum base
acceleration = 0.41g.

curves for liquefied soil was also small and it increased with pile deflection. He described
this phenomenon to be related with load-induced dilation and decrease in excess pore
pressure locally around the pile. For a 3x3 pile group, the p—y curves at different depths
are shown in Figure 2.36. The curves were observed to be much stiffer with depth. The
shape of the p — y curves were also similar to the shape of the post liquefied stress-strain
curve as observed by Yasuda et al. (1999), Vaid & Thomas (1995) (see Figures 2.10 and
2.11).

From the experimental observations, he proposed an empirical equation for p — y

curve in liquefied soil with a power law relationship, such as:

p = A(By)° (2.10)

where, A, B and C' are depth dependent constants as defined below:
A=3x10"(h+1)%%, B =2.80(h+ 1)*"'and C = 2.85(h + 1)74

The Equation 2.10 is only valid for soil pressure p< 15kN/m, pile deflection y <
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Figure 2.36: Computed p—y curves for various depths during first load series after blasting
for a 3x3 pile group in liquefied soil (Rollins et al., 2005).

0.15m, depth h < 6m and the relative density of sand D,~ 50%.

2.8.3.3 1-g model tests

Many researchers have carried out 1 — g experimental studies to investigate the lateral
resistance of liquefied soil on pile foundations. Important examples include the studies
by Yasuda et al. (1989), Sato et al. (1994), Towhata et al. (1999) and Takahashi (2002).
These experiments were normally carried out by modelling the drag force on the pile at a

particular depth by pulling a pipe in saturated sandy soil and liquefying the soil by either
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shaking or fluidising. A typical test setup used by Towhata et al. (1999) can be seen in
Figure 2.37.

Lateral movement of horizontally
embedded pipe in liquefied ground

9 Pore pressure transducers |
» Load cells 2

B ——- 40 .

Unit : cm

-""'—-7—- . Direction of shaking

Figure 2.37: 1g test setup of pulling a pipe in liquefiable soil to investigate the lateral
resistance of liquefied soil (Towhata et al., 1999).

The major conclusions drawn from these studies were:

1) A drastic reduction in modulus of subgrade reaction upon liquefaction (Yasuda
et al., 1989).

2) The drag force on the pipe (i.e., resistance of liquefied soil) varied with the velocity
leading to a viscous behaviour of liquefied soil (Towhata et al., 1999).

3) The drag force on the pipe was very low at small strains but increased at large
strains (Takahashi, 2002). A larger lateral resistance was mobilised as the loading rate
increased. Furthermore, when the loading rate was higher, the pipe displacement required
for the lateral resistance mobilisation became smaller. These trends are associated not
only with the dilatancy characteristics of sand but also with the pore fluid migration
around the cylinder. Figure 2.39 shows the resistance of liquefied soil for different velocity
of pipe pulling tests carried out by Takahashi (2002).

4) A strain softening behaviour in non-liquefied state changes to a hardening be-
haviour after liquefaction but having a very large initial strain demand to offer resistance

against deflection. From the test carried out by Towhata et al. (1999), Figure 2.38 shows
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the drag force offered by saturated sand on model pipe before and after liquefaction.
These above observations with very low initial stiffness of liquefied soil are also
consistent with the full scale and centrifuge test observations (section 2.8.3.1 and 2.8.3.2),

but the current practice lacks a systematic representation of this behaviour.
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Figure 2.38: Soil-pile response for the pipe pulled in liquefiable soil (D, = 30%) before
and after liquefaction (Towhata et al., 1999).

2.9 Discussion

A significant difference lies between the patterns of the p — y curves being used in current
practice when compared with experimental observations. As discussed in section 1.3.3
the shape of the curve can be very significant in determining the response of the lateral
soil-pile interaction in seismic loading. None of the p — y curve models in current practice
are able to reflect the very low initial stiffness behaviour of liquefied soil.

However, one may ask, why not consider the liquefied soil to have no strength and
avoid any further concern of modelling it? While this seems a feasible option provided a

very conservative design is sought, but the dynamic response will be affected significantly.
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3004
250 - 2P
™
= 200
° .ELV
2 50 Variation of
o 150 soil strength
% pmaz
8 100
o o
s Variation of
= 50 soil stiffness ¥ e
0 T T 1
0.0 0.5 1.0 1.5

Soil deformation [m]

Figure 2.40: Schematic illustration of variation in the p-y relationship for the liquefied
soil (Cubrinovski et al., 2009).

Initial studies by Castro & Poulos (1977) and Seed (1979) and later followed by many
other researchers showed that even after liquefaction many sands do retain a small amount
of shear resistance under large strains. The liquefied soil offers nearly negligible stiffness
at small strains, it can be very stiff at large strains if it is subjected to suppressed dilation
in undrained conditions.

Cubrinovski et al. (2009) compared the range of variation in strength and stiffness

of liquefied soil’s p — y curve for their numerical study, considering the uncertainties
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associated with the stiffness and the strength of liquefied soils as shown in Figure 2.40.
There is a 20 fold difference between the upper and lower bound values of stiffness and a
6 fold difference in strength.

Therefore, limitations exist for all the current approaches of the p — y curves in
liquefied soils being followed that do not address the issue of nearly zero stiffness at small
strains and higher stiffness at large strains. As a result, designers often switch from one

method to another to satisfy their needs, rather than structural safety.
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Chapter 3

Experimental investigation (Centrifuge
Test)

3.1 Introduction

To understand the macro behaviour of the pile-soil interaction in liquefiable soils, a set
of centrifuge test data was studied. The data for this study were taken from a series of
sophisticated centrifuge tests carried out at the Shimizu Corporation of Japan. Details
of the tests can be found in Tazoh et al. (2005), where the main aim of the tests was to
investigate the kinematic interaction of piles in liquefiable soils. The test data were further
analysed here to investigate lateral pile soil interaction (LPSI) and to back-calculate the

p —y curves and damping values in liquefiable soils.

3.1.1 Outline of the chapter

This chapter includes a brief discussion of the principles of centrifuge modelling and
the experimental setup for the tests under consideration. The procedure used to back-
calculate p — y curve and damping from the measured data is also outlined including the
signal processing techniques. The calculated p —y curves are compared with the available
monotonic API p — y curves. Lastly, from the observed p — y behaviour, the mechanism

of lateral pile-soil response in liquefied soil is discussed.
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3.2 Centrifuge model principle and scaling

3.2.1 Why centrifuge test?

Often, in geotechnical earthquake engineering small scale model tests (under ambient
gravity condition, i.e., 1 — g condition) cannot properly represent prototype behaviour.
This is because the stress level in the soil due to self-weight is much lower in the model
than that in the prototype. Generally, the behaviour of soil is non-linearly dependent on
stress level. The centrifuge model under increased centrifugal acceleration is a powerful
technique that enables small scale model tests under prototype stress conditions. The
centrifuge test run at n — g acceleration, for a 1 : n linear scale model, can reproduce
the prototype level of soil stress in the model by increasing the self-weight due to gravity
by n times. This is illustrated schematically in Figure 3.1. While the identical stress
condition is achieved due to n — g acceleration in centrifuge, the identical strain condition
is achieved by 1 : n linear scale model. To demonstrate this, a deflection, ¢, is applied to
the soil element of length, I, in the prototype scale. This induces a strain of (lS_ss in the
soil element in prototype. To model the prototype in 1 : n scale, the soil element will be
scaled to % and the deflection will be %. The strain in the soil element in the model will

then be = % / % = ‘;—:, which is same as in prototype scale.

iy
g
om "
o}
[0} 1
Foui oy lo.szé 1309
«— O
ﬂ%ﬁ . T
Saoil

Prototype Centrifuge model

Figure 3.1: Schematic example of prototype and centrifuge model at 1:30 scale experienc-
ing same stress level.
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3.2.2 Scaling laws

The scaling parameters related to the centrifuge tests at centrifugal acceleration of n—g are
presented in Table 3.1. Derivations of these parameters can be found in Schofield (1981)
and Chandrasekaran (2001). While modelling saturated soil media in centrifuge, one of
the important parameters which need special attention is the pore pressure generation

and dissipation.

In a saturated medium, the generation of pore water pressure depends on the nature
of the soil skeleton and the dynamic stresses in the soil skeleton from the inertial effects
during loading. The inertial effects in the model are magnified by a factor n in the
centrifuge tests. On the other hand the dissipation of pore water pressure in the soil is
governed by the phenomenon of diffusion and takes place much faster in the model by
a factor of n?. Chandrasekaran (2001) discussed the incompatibility between dynamic
time and seepage time, which may happen if the diffusion phenomenon is not modelled
properly. Hence, for proper matching of time between inertial and diffusion, it is necessary
to delay the diffusion process by a factor equal to n. This may be achieved in two ways:
either by reducing the permeability of the soil by a factor n by crushing the particles to
a smaller size, or by increasing the viscosity of the pore fluid in the model by a factor
n. The first option is not suitable as it may change the soil’s constitutive behaviour
(Chandrasekaran, 2001). Hence, the later is generally preferred in the tests, and was also

implemented in the tests under present study.

Table 3.1: Scaling laws for centrifuge modelling at n — g.

’ Parameters Unit Model / Prototype
Stress (o) ML T2 1
Strain (e) - 1
Length L 1/n
Time (Dynamic) T 1/n
Acceleration LT-2 n
Seepage velocity LTt n
Pile bending stiffness (E,I,)  ML3T2 1/n*
Natural frequency (fy,) T-! 1/n
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3.2.3 Non-dimensional groups for LPSI

To compare the results of the centrifuge tests as described in this Chapter, 1 — g tests
(Chapter 4) and other analytical p — y curves available in literature, non-dimensional

groups were chosen to achieve a consistent comparison among the results.

Lateral resistance of soil

The lateral resistance of soil (force per unit length of pile) at a particular depth is generally
normalised as a non-dimensional parameter with initial overburden pressure and pile

diameter such as:

p
v'hD

(3.1)

For multi-layered soil, v'h represents the total overburden pressure at depth h. The
non-dimensional parameter is derived with the assumption that the strength of soil is
linearly proportional to the confinement so the term h is in the denominator. Many
researchers including Towhata et al. (1999); Takahashi (2002); Dungca et al. (2006) have
used this non-dimensional parameter to represent the lateral resistance of liquefied soil in
their experimental results.

However, this assumption is only reasonable if the soil is at a particular relative
density and considered at a particular depth to diameter (h/D) ratio. For example, the
API guidelines (API, 2000) suggest a linear relation between the effective overburden
pressure (7v'h) and ultimate lateral soil resistance both in shallow and deep depth, pys
and p,q as given in Table 2.2. Rewriting these equations in terms of non-dimensional

parameters yield Equations 3.2 and 3.3.

us h
At shallow depth fh == (G5 +Co) (3.2)

Pud _
v'hD

At deep depth Cs (3.3)

where, C, Cy and Cj are constants as defined by API guidelines (API, 2000) that

depend on ¢ or D, of the sand.
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As per API guidelines (API, 2000), the normalised maximum lateral resistance of
pile in sandy soil was estimated for a range of angle of friction (¢) values and is plotted in
Figure 3.2. The figure shows that an increase in ¢ (or relative density, D,) at a particular
h/D ratio will produce a different amount of ultimate soil resistance and the difference
becomes wider as the soil becomes denser (i.e., high ¢ or D,.). Also, for a particular value ¢
or D,, the normalised resistance increases with increase in h/D ratio until it hits the deep
depth resistance value, and thereafter remains constant. This is because the calculation
of resistance at a deeper depth does not depend on h/D ratio (as can be seen in Equation
3.3). To illustrate it in another way, the normalised lateral resistance is plotted for five ¢
values at various h/D ratio of soil in Figure 3.3. It can be seen from the figure that up to a
certain h/D ratio the normalised resistance increases linearly with /D, and after that it
remains constant. This depth at which a constant normalized resistance can be obtained
also increases with denser soil (i.e., higher ¢ or D,). Hence, while comparing different
soils from different test conditions, the normalized lateral resistance must be used for the

soils with same D, or ¢ and same h/D ratios.

120

Deep depth calculation

--------- Shallow depth calculation
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| HD=18
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HD =2
HD=1

Normalised max. lateral resistance of pile (o4 ' hD)
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Figure 3.2: API suggested maximum lateral resistance of sand.
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Normalised maximum lateral resistance of pile (o4 hD)
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Figure 3.3: Variation of normalized ultimate lateral resistance of pile with depth of soil.

Relative pile-soil displacement

The non-dimensional group to represent the lateral relative pile soil displacement was

normalized with the pile diameter as:

Ol<

3.3 Description of experimental setup

All the tests cases considered in this study were conducted in the centrifuge facility of
Shimizu Corporation, Japan. Sato (1994) has given detailed discussion of the design and
operation of the centrifuge facility. The tests were carried out at a centrifugal acceleration
of 30 — g. The stress and strain parameters were modelled by a factor of unity and the

linear dimensions by the scale factor of 1:n (model: prototype).
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3.3.1 Test layout

Nine experimental test sets were used in the current study (see Table 3.2, CTi, 1= 1t09).
Each experimental setup consisted of two pile groups, separated by a rigid partition wall.
Each pile group was composed of 4 piles fixed to the base of the container. Figure 3.4
shows a schematic of a typical test setup. So, there were 18 pile groups in total. However,
5 pile groups had battered piles (CTi-B, i = 5 to 9) and hence were not included in the
present study, which is limited to the investigation of vertical piles only. The details of

the 13 pile groups studied are presented in Table 3.2.

Centrifuge facility,

Shimizu corporation, jopan Con’roinjr:l.;ninor shear box /

Pile group
Side-A
Partition wall
Pile group —
Side-B 0
>
o]
=)
a

Figure 3.4: One typical test setup.

During a typical test sequence, two pile groups were modelled on each side (Side A
and Side B) of the central partition wall (Figure 3.4). This kind of setup was beneficial
in modelling both pile groups with the required soil /structural parameter variation while
keeping all other model parameters exactly same. The arrangement of one test setup

with two pile groups (CT1-A and CT1-B) before and after the test is shown in Figure
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Table 3.2: Description of centrifuge tests.

Test  Pile Description
No. Group (Refer to Figure 3.8 for schematic illustration of test setups)
CcTt A Fixed end quay wall.
Distance between pile group and quay wall, b = 200mm
Quay wall did not collapse during the test.
B Free end quay wall. b = 200mm, Quay wall collapsed during
the test.
cT2 A Fixed end quay wall. b = 100mm, Quay wall did not collapse
during the test.
B Free end quay wall, b = 100mm, Quay wall collapsed during
the test.
cT3 A Fixed end quay wall. b = 50mm, Quay wall did not collapse
during the test.
B Free end quay wall, b = 50 mm, Quay wall collapsed during
the test.
CT4 A Free end quay wall. b = 50mm , Quay wall collapsed during
the test.
B Free end quay wall. b = 100mm, Quay wall collapsed during
the test.
CTs A Free end quay wall. b = 200mm, Quay wall collapsed during
the test.
B Batter pile group (Not included in the present study)
CTe A Free end quay wall. b = 100mm, Quay wall collapsed during
the test.
B Batter pile group (Not included in the present study)
cT7 A Free end quay wall. b = 50mm, Quay wall collapsed during
the test.
B Batter pile group (Not included in the present study)
cTs A Repetition of CT7-A
B Batter pile group (Not included in the present study)
cT9 A Repetition of CT6-A
B Batter pile group (Not included in the present study)

3.5. In the test setup, the quay wall (fixed base in Side A and free base in Side B) was
modelled near to one end of the container to simulate the soil flow condition (i.e., lateral
spreading). The case where the quay wall collapsed (e.g., CT1-B) can be considered as
a case of lateral spreading, whereas, the liquefaction in level ground can be represented
when the quay wall did not collapse (e.g., CT1-A). In each of the tests, both pile groups

(A and B) were subjected to nearly identical conditions with respect to input motions

and soil liquefaction.

66




Before test After test

Figure 3.5: Model layout of test CT1 before and after the test.

3.3.2 Test equipments

Major parts of the facility used in this study consisted of a centrifuge, a shaking table, a

laminar box and a data acquisition unit which are briefly described below.

Centrifuge

The centrifuge apparatus as shown in Figure 3.6, mainly had of a swing platform (C1),
a counter weight (C2) and a rotating arm (C3) mounted on a central spindle (C4). For
the dynamic tests, a shaking table and a laminar container were fitted over the swing
platform. The model container was mounted on the swing platform with an adjustable
counter-weight on the other side. The central spindle had the driving system (a hydraulic
motor), electric and hydraulic slip-rings, fibre optic rotary joint and an in-flight balancing
system. A test setup for the dynamic model could achieve an arm radius 3.11m (distance
between the surface of swing platform and central spindle) at their swung-up position.
Specifications related to the working range of the centrifuge facility are also given in the

Figure 3.6.

Shaking table with earthquake actuator

A diagram with the specifications for the shaking table used in the centrifuge swing
platform is shown in Figure 3.7. The left half of the figure shows the cross section and
right half shows the side view. The movable parts are shown hatched. The shaking

table was supported with 10 linear springs in two rows which allowed it to move in the
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(Static)

(Dynamic)

(Static)

(Bynamic)

Figure 3.6: Centrifuge facility at Shimizu Corporation.

Specifications

Acceleration range: 5g~100g

Acceleration range: 5g~50g

Max. payload : 750 kg af 100g

Max. payload : 300 kg at 50g

horizontal direction. An electro-magnetic actuator was fitted at its base that can produce

and control large accelerations over a wide practical range of frequencies as expected in

the field during an earthquake.
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Figure 3.7: Shaking table with earthquake actuator used over swing platform in the

centrifuge (Sato, 1994).

Laminar box

A laminar box used in the test had 14 rectangular frames made up of square steel tubes.

The frames were connected by thin linear bearings of 2mm thickness placed in between

them. The inside of the container was lined with a 1mm thick rubber membrane for

waterproofing of the box and to protect the bearings from soil. The inside dimensions of

the box were 805mm long, 475mm wide and 324mm high. Design details of the box can

be found in Sato (1994).
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Data acquisition unit

The data acquisition unit consisted of transducers, an A/D converter and a data acqui-
sition unit. Transducers used in the tests include, accelerometers, a laser displacement

transducer and pore pressure transducers.

3.3.3 Tests conditions

The model was subjected to a varying magnitude base acceleration of a 60 Hz sine wave
(2 Hz at prototype scale). The magnitude of base acceleration was gradually increased to
make the liquefaction process more realistic, which went up to ~ 8¢ in 0.25s. This allowed
the soil to liquefy in 5-6 cycles of loading. In contrast, many other centrifuge tests on
liquefiable soils had shown a very rapid generation of pore pressure just in 1 to 2 cycles of
loading, e.g., the tests carried out in the centrifuge facility at the University of Cambridge
by Haigh, 2002 and Bhattacharya, 2003. The quick pore pressure generation in some
cases does not represent the actual field condition, for example, NFESE technical report
(Ferritto, 1997) mentions that in 1989 Loma-Prieta earthquake “liquefaction occurred
after 4 to 5 cycles of shaking, about 5 seconds of strong motion”.

Sometimes, real earthquakes are used to study the p — y curve in liquefiable soil, as
used by Wilson, 1998, which could have been used in this test. But, it was avoided here
to reduce the number of nonlinear variables dependent on frequency. The site behaviour
was rather represented by varying the magnitude of the base acceleration and keeping
the frequency constant. A laminar shear box was used to model the flexible boundary
condition. A superstructure mass was also added to the pile head to apply a reasonable

amount of axial load to the piles.

3.3.4 Model details

Figure 3.8 shows a schematic of the test setup for 13 pile groups ( Table 3.2). The pile
groups are divided into four major categories depending on the quay wall fixity and the
number of data acquisition locations (as detailed in Table 3.3). The structural properties
of the pile are given in Table 3.4. A photograph of the test pile can be seen in Figure 3.9.

Both the front and back sides of two piles in the pile group were instrumented with strain
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gauges at the locations as shown in Figure 3.8. Two types of soil (Silica sand and Toyoura
sand) were used in four layers in the model, whose geotechnical properties are presented
in Table 3.5. High viscous Silicone oil was used as the pore fluid and its viscosity was
30 times that of the water to satisfy scaling requirements for the diffusion process (see

section 3.2.2). The details of the material and dimensions of the model are given in Table

3.6.
Table 3.3: Pile groups studied here are broadly divided into four categories.
Category Pile group Measurements Quay wall Remarks
test case fixed at
(Refer to base
Figure 3.8)
1 CT1-A Strain measurement at | Yes Simulates
CT2-A 4 depths, Soil liquefied soil in a
CT3-A acceleration at 2 depths level ground
2 CT1-B Strain measurement at
CT2-B 4 depths, Soil
CT3-B acceleration at 2 depths
CT4-A
CT4-B
3 CT5-A Strain measurement at | No Simulates
CT6-A 5 depths, Soil liquefied soil in a
CT7-A acceleration at 3 depths laterally
CT8-A, spreading ground
4 CT9-A Strain measurement at
5 depths, Soil
acceleration at 3
depths, Pore pressure
measurement near to
pile
Table 3.4: Structural properties of the pile.
Item Value
Material Steel
Pile outside diameter (D) 10mm
Wall thickness 0.2mm
Moment of inertia of pile (1) 73.95mm*
Young’s Modulus (E,) 210GPa
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DispF Test ID a b

Footing CT1-A 150 200
! CT2-A 250 100
Soil 1 CI3-A 300 50

AccG2H @ PPT-2

Quay wall

AccGlm ePPT-1

()

Test ID a b

DispF

CT1-B 150 200
C12-B 250 100
C13-B 300 50

Footing

AccG2E @ PPT-2 CT4-A 300 50

CT4-B 250 100

Quay wall

AccGlE @PPT-1

DiSpF i Test ID a b
AccG3m Lo CT5-A 250 200
Soil 1 CT6-A 250 100
CI7-A 250 50
AccG2m @ PPT-2 s CT8-A 250 50
B CI9-A 250 100
AccGlm @PPT-1 s
o}
Y Displacement sensor
Accelerometer

Pore pressure tfransducer

Strain gauge
SS Super structure

| | All the dimensions are in mm
850

Figure 3.8: Schematic of test layout and instrumentation.
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Figure 3.9: Test pile used in the centrifuge tests.

Table 3.5: Geotechnical properties of the sand used in the test.

| Soill | | Soil2 | | Soil3 | | Soil4
Symbol  Unit Unsaturated Saturated Saturated Saturated
Silica sand Silica sand Toyoura Silica sand
No. 8 No. 8 sand No. 3
Emaz - 1.385 1.385 0.951 0.974
Emin - 0.797 0.797 0.593 0.654
D, % 50 50 90 90
! kN/m3 7.652 7.652 9.908 9.496
Yt kN/m®  12.851 - - -
Sy % 10 100 100 100
emaz— Maximum void ratio, e,,;,= Minimum void ratio, D, = Relative
density, 7/= Effective unit weight of soil, 4= Dry unit weight of soil, S,=
Saturation ratio.

3.4 Calculating the p—y curve and damping from mea-

sured data: background

3.4.1 The p—y curve

The p — y curve is the representation of lateral pile-soil interaction, where p refers to the
soil resistance and y refers to relative soil-pile displacement (details are given in section

2.8). This relative pile soil displacement is the difference between pile displacement (y,,)

and soil displacement near the pile (y;) as given in Equation 3.5.

Y=Yp — Vs
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Table 3.6: Materials and dimensions of the test model.

Sizo/t :
Item Material Size/type in model scale ize/type in
prototype scale
Lamina Inner dimension
minar
Steel L: 807mm, W: 475mm, H: -
Box
324mm
.. - H: 305mm , L: 750mm, T"
Partition Aluminium -
2mm
Vi ity 30 ti hat of
Pore fluid Silicone oil iscosity 50 times that o Water
water
. . Length: 270mm Length: 8.1m
P;E gr20up Sttallnless Outer diameter: 10mm Outer diameter: 0.3m
(2by 2) stee Wall thickness: 0.2 mm Wall thickness: 0.006m
) L: 50mm , W: 50mm, T L: 1.5m, W: 1.5m, T
Footing Steel
20mm 0.6m
g ;
upet L: 50mm, W: 50mm, T L: 1.5m, W: 1.5m, T"
structure Steel
30mm 0.9m
top mass
Super-
structure Steel L: 60mm, L :1.8m,
columns ee Size: 6mm X 2mm Size: 0.18m x 0.06m
(2 by 2)
Fixed base case: 21?(6; ba;f ;agg :
) H: 300mm, L: 235mm, T P I, o,
Sheet pile . T:0.3m
1 Aluminium  10mm Free base case: Free base case:
quay wa ) . ) :
H: 250mm, L: 235mm, T H: 75m, L: 7.05m, T:
10mm
0.3m
H: Height, L: Length, W: Width, T: Thickness

The p and y, were back-calculated from the recorded bending strain (¢) of the pile

using beam theory equations. A quick review of beam theory equations is presented in

Table 3.7.
Table 3.7: Beam theory equations.
Parameters Unit Value ‘,N'r't' beam
deflection
Beam deflection (yp) L Yp
d
Slope Radian %
-1 deUp
Curvature L dz2
d2
Bending Moment ML2T-2 EpIpWyf
dS
Shear Force ML!T-2 EpIpWyf
d4
Distributed Loading MT2 Ep—’pﬁyf
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The curvature and bending moment in the pile can be directly computed from the
recorded pile bending strain by using the Equations 3.6 and 3.7. The pile deflection,
Yp, can then be computed by integrating the bending moment profile of the pile twice
with respect to depth, z, and dividing that by E,I, (Equation 3.8). Similarly, p can be
calculated by double differentiating the bending moment profile with z (Equation 3.9).

1 €p
Curvature = —

= —_ 3.6
pp  DJ2 (36)
. 1 €
Bending moment = M = E,I[,— = 2E,[,— (3.7)
Pp D
. . 1
Pile deflection =y, = — // Mdz (3.8)
Eply
d (d
Soil resistance =p = e <EM> (3.9)

where, D is the diameter of the pile and FE, I, is the bending stiffness of the pile.

The soil displacement near to the pile (ys) was estimated separately from the mea-

sured soil acceleration and quay wall displacement (refer section 3.6.3 and 3.6.5).

3.4.2 Damping

The damping in soil-structure interaction can result from several mechanisms (e.g., vis-
cous, friction and/or plastic yielding). However, it is particularly difficult to identify these
mechanisms explicitly in soil testing. The most commonly used mechanism of representing
soil damping is through an equivalent viscous damping model.

The p — y curve, as described in the above section, is essentially a hysteresis loop
under cyclic loading. The energy dissipation under p — y curve can be estimated by mod-
elling it as a viscous damper subjected to harmonic displacement. The specific damping
capacity of the soil per unit depth can be defined as the energy dissipated due to one

cycle of the loading (one cycle of p — y curve) divided by peak potential energy, that is

Wy
Wg*
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Wo

Damping ratio, ¢ =

Az,

Soil resistance, o (kN/m)

Area of the loop

Displacement, v (m)

Figure 3.10: Graphical representation of damping from p — y curve.

Considering an equivalent SDOF system, the energy dissipated in one cycle of hys-

teresis loop, Wy, (Figure 3.10) can be represented by Equation 3.10 (Kramer, 1996).

Wy=TcOyu (3.10)

where,

¢ = damping coefficient per unit depth

w = forcing frequency

Ymaz— Maximum relative pile-soil displacement

Further, the coefficient of damping can be calculated by Equation 3.11. Note that
the unit of p is force/length (Figure 3.10) instead of force, and hence the coefficient of
damping (c) is per unit length of the pile. Considering the p — y response as a SDOF

spring and dash-pot system, the damping ratio can be expressed as Equation 3.12.

Wy
= 3.11
O (31D
Wy
= 3.12
¢ v (3.12)
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3.5 Centrifuge data representation and signal process-
ing

All the analyses presented in this thesis are at prototype scale, unless specified explicitly
otherwise. The results of one test case, CT6-A, a representative case, are presented
throughout the analysis procedure in this chapter to demonstrate the steps followed in
the analysis. The final results are then presented for other test cases following a similar
analysis procedure. Briefly, acceleration, displacement, pore water pressure and strain
measurements of the tests are of interest in this study. A typical data set used in the
analysis is presented in Figure 3.11 for the representative test case CT6-A.

The estimation of p—y curve, as described in section 3.4.1 was involving three major

steps, such as:
1. Double integration of bending moment along the pile to obtain pile deflection.
2. Double differentiation of bending moment along the pile to obtain soil resistance.

3. Double integration of soil acceleration to get displacement time history of the free-

field soil.

In a continuous signal, the integration is sensitive to low frequency data and the
differentiation is sensitive to high frequency data. Hence, it is important to filter both high
and low frequency noise from the signal to obtain a reliable estimate during integration
and differentiation of the data. As pointed out by many researchers (e.g., Han, 2003;
Brennan et al., 2005; Park et al., 2005; Chanerley & Alexander, 2007), inappropriate
filtering of the recorded data may greatly affect the estimated response of the system. A
detailed sensitivity analysis was therefore performed to arrive at a reliable procedure of
filtering the measured unfiltered signal prior to the back-calculation of the p — y curves.

The original base acceleration and its Welch power spectral density (Welch, 1967)
for CT6-A are plotted in Figure 3.12 in both model and prototype scale. The figure shows
the presence of both high and low frequency noise apart from the forcing frequency of 2Hz
(60Hz in model scale). Hence, a digital band-pass filter was designed to remove this from

the measured data leaving the signals with the frequencies of interest. The frequencies
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Figure 3.11: Input for test case CT6-A. (Refer Figure 3.8¢ for transducer labels, Depth
(z) values are in prototype scale, BS: Bending strain, PWP: Pore water pressure, Acc:
Acceleration, Disp: Displacement)
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chosen for the filtering process are given in next section.

(a) Model Scale (b) Prototype Scale
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Figure 3.12: Input Base acceleration (AccGO) and it’s Welch power spectral density plot
(a) in model scale (first peak at 60Hz), and (b) in prototype scale (first peak at 2Hz) for
the representative test case CT6-A.

3.5.1 Choosing the right filter
3.5.1.1 Pre-filtering

The best filtering option for a measured experimental data can vary from case to case
depending mainly on the data acquisition system, input signal characteristics and the
characteristics of the physical system being studied. A digital band-pass filter was de-
signed for this test data and the following considerations were used to define the pass

band frequencies for the designed filter.

1. The forcing frequency of base acceleration was 2Hz (60Hz in model scale) and this

needs to be in the pass band of the filter.

2. The fundamental frequency of the soil-pile-footing-structure (SPFS) system was

varying during the test as the soil liquefies. The first fundamental frequency of
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the SPFS system was estimated by dynamic amplification factor analysis using the
acceleration time history recorded during the test (see Appendix-A). The analysis
showed that the fundamental frequency during the test was roughly varying from

7THz (before liquefaction) to 1Hz (at full liquefaction).

3. The lower corner frequency of the pass band filter to eliminate dc offset was chosen
to be no greater than the lowest frequency of interest, which was the smaller of the

following two.

(a) First fundamental frequency of the physical system before liquefaction (0.92Hz,

lowest from all the test cases), and

(b) Forcing frequency (2Hz).

4. The upper corner frequency of the pass band filter to eliminate high frequency noise

was chosen to be the higher value of the following two.

(a) First fundamental frequency of the physical system after liquefaction (8.02Hz,

highest from all the test cases), and

(b) Forcing frequency (2Hz).

5. These two criteria show that the corner frequencies for the filter are governed by the
fundamental frequency of the physical system. Although, the fundamental frequen-
cies of the system in all cases do not match with each other, with a higher margin
at both ends of the filter frequency, a single frequency band was working well for all

the test data.

6. For acceleration data, it is common to use Butterworth filter with higher order (Wil-
son, 1998) as the acceleration time history contains sharp spikes. For the present
analysis, a filter order of 6 or greater gave a reasonably similar estimation of the dis-
placement from acceleration time history. However, very high order filters with very
small value of lower corner frequency had problems with instability and arithmetic
overflow, which was observed with a 10th order filter with a pass band of 0.4Hz to
10Hz (Figure 3.13).
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Figure 3.13: Effect of filter order for a 0.4Hz to 10Hz band-pass Butterworth filter over
acceleration time history in soil (AccG1) of test CT6-A. [Acc: Acceleration]

With the above considerations, finally, a 8th order band-pass Butterworth filter was
chosen with pass band frequencies of 0.4Hz to 10Hz, which gave consistent results for all
the test cases. The schematic of the band pass filter with the filtered and unfiltered power
spectrum density plots of one of the measured acceleration data in the soil is shown in
Figure 3.14. The filtering of data was carried out using Matlab® “filtfilt” command to

obtain a zero-phase distortion during filtering.

3.5.1.2 Post filtering

Post filtering of data is often necessary to remove residual low frequency components/DC

offset that appears after a signal has been integrated. For the cases studied here, same
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Figure 3.14: Schematic of band pass filter design showing the filtered and unfiltered Welch
power spectral density for soil acceleration AccG1 for the test case CT6-A.

filter as defined above for pre-filtering was applied for post filtering as well.

3.5.1.3 Filtering acceleration data

Integration of measured acceleration data gives absolute displacements. Figure 3.15 shows
the estimated displacement time history in soil by integrating the acceleration time his-
tory twice at the location of AccGl (for CT6-A) without any data filtering. As seen in
the figure, the magnitude and shape of the estimated displacement was completely unac-
ceptable, and filtering of the recorded acceleration data was necessary. During filtering of
low frequencies in the signal, any real permanent drift component of it gets unavoidably

removed as noise. However, the required dynamic behaviour useful in back calculating
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p — y curve was adequately preserved.
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Figure 3.15: Estimation of displacement time history from measured soil acceleration data

(AccG1) in test CT6-A without any data filtering. [Disp: Displacement)|

For CT6-A, the soil acceleration data was filtered with the designed band-pass fil-
ter and then integrated twice to get absolute soil displacement.
carried out using cumulative trapezoidal numerical integration by Matlab® command
“cumtrapz.” The post filter was applied to the integrated value to remove the small dc
offset. Figure 3.16 shows the estimated value of the displacement time history in the soil

with both pre- and post-filter applied, which gave a reasonably approximate value that

can be used in further analysis.
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Figure 3.16: Displacement time history from acceleration time history in soil (AccG1) for
CT6-A with pre- and post-filter applied to the data. Sequence of filtering process used in

the present study is: a-b-c-e-f.

' Infegration

3.5.2 Estimation of axial and bending strain

Strain measurements were taken at both sides of the pile at the extreme fibre on the
locations as shown in Figure 3.8. From the total strain measurements, the axial and

bending strain components were separated as given in Figure 3.17, where ¢;, and ¢;, were

total strains, measured on each sides of the pile.
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Figure 3.17: Axial and bending strain estimation from measured strain data (Refer Figure
3.8 for location of strain gauges S1, S2, S3, S4 and S5).

3.5.3 Dynamic component of bending strain

The measured strain and displacement values during the test were having a cyclic com-
ponent added to a static offset. This static offset was not required to be removed in
the normal condition, and the results obtained from the signal signifies a significant drift
where the soil undergoes large displacement (as in CT6-A). The dynamic component can
be separated from the static offset by applying a pre- and post-filter described earlier. The
analysis without removing the drift component will represent the dynamic p — y curve
for a lateral spreading soil. However, for a better understanding of the magnitude of the
p —y curve and to compare it with the API monotonic p — y curve, the static offsets were
required to be removed (see section 3.7 for details). The unfiltered and filtered bend-
ing strains at different pile locations (obtained from strain measurements, S1...S5) are

plotted in Figure 3.18.

3.5.4 Dynamic bending moment profile in the pile

From the time history of bending strain, the curvature and bending moment time histories
were obtained by using Equations 3.6 and 3.7 respectively. The dynamic bending moments
computed from dynamic bending strains were known only at discrete locations of the pile
(Figure 3.19). Hence, an appropriate curve, fitted to the bending moment profile along the
pile length, was required to be able to carry out the integration and differentiation. One
of the most common ways many researchers use to fit the discrete bending moment data
is by interpolation functions. The interpolation functions can be a continuous polynomial

(as used by Matlock & Ripperger, 1956; Ting, 1987; Rollins et al., 2005) or a segmented
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Figure 3.18: Recorded and filtered bending strain time histories from strain gauges S1,
S2, S3, S4 and S5 for CT6-A.

cubic spline (as used by Dou & Byrne, 1996).

In a similar set of centrifuge tests in sandy soil, Wilson (1998) had studied three
methods of curve fitting (polynomial interpolation, cubic spline interpolation and weighted
residual method) to bending moment data. For differentiation purposes, the degree of
agreement in results varied depending on the model container, event and the depth at
which the lateral resistance (p) was estimated. He had presented the results of lateral

resistance (p) using weighted residual method of bending moment fit. While calculating
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Figure 3.19: Curvature and bending moment calculated from the bending strain data.

the lateral pile deflection by integration, the bending moment fit was found to be insensi-
tive to the interpolation function, and he used the polynomial interpolation function for
computational ease. He also examined three different polynomial interpolation functions

and suggested non-integer 5 order polynomial as the most appropriate for his test cases.

A similar study was also carried out by Jeanjean (2009), where he computed the

all three

methods.

p — y curves for soft clays from centrifuge test data.
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He performed the curve fit of
bending moment by three methods (6th order polynomial, Cubic spline function and

Loess function) and then presented the p — y curve with the average value obtained from



In the present case, to arrive at the best curve fitting option, four different methods

as detailed below were studied, where the depth was taken as the variable z.

1. Polynomial fit 1 (Poly fit-1): (M = A + Bz + C2* + Dz* + Ez*') A single 4™
order polynomial was fitted to the bending moment data. As the bending moments
recorded at five discrete points, the order of polynomial was limited to 4 to maintain
uniqueness of the fit. The use of a continuous polynomial also eliminates the need

for additional numerical differentiation or integration of the bending moment profile.

2. Polynomial fit 2 (Poly fit-2): (M = A+Bz+Cz3+Dz+E2) A single 5t order poly-
nomial without the quadratic term was fitted. By leaving out the quadratic term,
it computes zero lateral resistance at the surface. The coefficient of the quadratic
term in bending moment fit gives a constant load after double differentiation. This

consideration was also adapted by Wilson (1998).

3. Non-integer polynomial fit (NI Poly fit): (M = A+ Bz + C2*° 4+ Dz* + Ez*) A
4™ order polynomial without quadratic term but with a non-integer term was fitted

(This polynomial fit was used by Wilson, 1998 while computing p).

4. Cubic spline interpolation (CS fit): A natural cubic spline was implemented that had
continuous piecewise linear second derivatives. The second derivative was considered
to be zero at the end points of the data, i.e., displacement is zero at the pile tip,

which was fixed at the container base.

Figure 3.20 plots the discrete bending moment values and the fitted curve for the four
methods described above. All of the methods fit the bending moment data points quite
well in the liquefied soil zone, 1.8m to 5.7m, where the final p — y curves were back
calculated. The bending moment fitting and its computed values yield similar profile
irrespective of the time step of consideration. Though, all the methods of curve fitting gave
similar results for bending moment, shear force and slope, the deflection profile obtained
varied greatly between the methods, which could be due to higher order polynomial fits.
Hence, the calculation for ‘p” and ‘y’” were carried out with all four methods of curve fitting

and the results are compared.
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Figure 3.20: Bending moment and its fitted curve at t = 6s (for case CT6-A) by four
different fit, and the derived shear force, lateral resistance, slope and pile displacement.
[Note: Poly fit-1: M = A+Bz+C22+Dz3+Ez*, Poly fit-2: M = A+Bz+C23+ Dz 4+ E25,
NI Poly fit: M = A+ Bz + C22® + D2z* + E2z*, CS fit: Cubic Spline].

3.6 Back calculation of p — y curves

3.6.1 Soil resistance, p

The bending moment profile as fitted above for the discrete bending moment readings
were double differentiated to obtain the lateral soil resistance (unit: force/length). Figure
3.21 shows the estimated lateral resistance from all four bending moment fits at three
different depths (2.1m, 4.05m and 5.7m) for the representative case, CT6-A. Very good

agreement between different fit methods was obtained at shallow depths, but at greater
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depths the results varied significantly. This poor agreement shows that the data did not
uniquely fit the bending moment profile. However, at the depth of consideration, (i.e.,
middle of the liquefiable soil layer, z = 4.05m), the agreement between the results of
different fitting methods are comparatively better except the Poly fit-1. Hence, in further
presentation of the lateral resistance, the values obtained from the CS-fit method were

used.
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Figure 3.21: Lateral soil resistance estimated for CT6-A.

3.6.2 Pile deflection, y,

Pile deflection was estimated by integrating the fitted bending moment profile twice.
During the integration, the top and bottom boundary conditions were used. Figure 3.22

shows the schematic of the location of measured data and the boundary conditions used for
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test case CT6-A. The pile deflections estimated from four bending moment fitting methods
are presented in Figure 3.23. Although the deflection pattern is similar, the magnitude
varied between the methods. The CS-fit, which was chosen for final representation of the
soil resistance, p (Section 3.6.1), gives a lower magnitude of deflection than other three
methods. For consistency in the evaluation of p and y, the same CS-fit was also chosen

for estimating y.
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Figure 3.22: Schematic showing the details of measured data and boundary conditions
for case CT6-A used in back-calculation of pile deflection, y,.

3.6.3 Free field soil displacement, y;

The time history of soil displacement was estimated by double integrating the free field
acceleration measurements (Figure 3.24) taken far from the pile group (see Figure 3.8
for the locations of acceleration measurements AccGl, AccG2, and AccG4). The ac-
celeration data were filtered and integrated twice to give the soil displacement. Note
that during the filtering process the dynamic component of the displacement was well
preserved, however, any permanent component of displacement, if actually present, was
removed. Surface observation (no crack formation on the surface) after the test suggests

that the locations where free field measurements were taken did not experience any per-
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Figure 3.23: Pile displacement estimated for Case CT6-A.

manent ground deformation. Hence, the dynamic component computed here is taken
with reasonable confidence in the calculation as already shown in Figure 3.16. As the
integration of acceleration data gives absolute values of displacement, the displacement of
soil with respect to the base of the container was obtained by subtracting the container

base displacement from the estimated absolute soil displacement.

As described in section 3.3, the soil profile had four layers with both liquefied and
non-liquefied soil. The soil displacement profile along depth was linearly interpolated
between the measurement points but the value at the bottom of the liquefied layer was
restricted to be 1/3™ of the interpolated value to account for the continuity between
liquefied soil layer and its underlying stiffer non-liquefied soil layer. Figure 3.25 shows the

schematic of the free field soil profile.
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Figure 3.24: Acceleration time history and PPT readings in the soil for CT6-A in pro-
totype scale. (Refer to Figure 3.8 for the locations of accelerometers in the model) [Acc:
Acceleration, Pre: Pressure].

3.6.4 Soil displacement near quay wall, y,

The only measurement available near the quay wall was the displacement of the top. The
top 70mm of the quay wall was free on one side and supported the non-liquefied soil on
the other. Hence, assuming the loading on the quay wall as a distributed force from the
soil, a parabolic deflection profile has been assumed for both fixed and free end quay

walls, with a maximum deflection value at the surface. The soil near to the quay wall was
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assumed to deflect in the same way as the quay wall, without any gap in between.

3.6.5 Soil displacement near the pile, y;

There was no instrumentation close to the pile that could have been used to estimate the
displacement time history of the soil near to the pile. The only known soil displacement
profile was available at two location on either side of the pile group, a) near to the quay
wall, and b) at the free field, estimated from the recorded acceleration time history. Hence,
to obtain the soil displacement near to the pile, a suitable interpolation was required
between the two known displacement values. The deflection profile of the soil near the pile
was linearly interpolated between the deflection profile of free field soil (ysf) and the soil
near quay wall (y,), as given in Equation 3.13, which is also schematically shown in Figure
3.25. There is some potential for error because of this linear interpolation assumption, but
since it can vary widely depending on many field conditions and there is no distinct way
of doing this as per author’s knowledge, the linear interpolation was considered simple
and reasonable. Figure 3.26 shows the estimated value of soil displacement near to the

pile in CT6-A at four different time steps.

Yg — Ys
Ys = Yg — anbf x b (3.13)
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Figure 3.25: Schematic showing the method of estimating deflection profile of soil near to
the pile.
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Figure 3.26: Displacement profile of soil near pile at four different time steps for CT6-A.

3.6.6 Relative pile-soil displacement (y)

Once the soil deflection near the pile and the pile deflection were computed, the relative
soil-pile deflection (y) was calculated for each time step by subtracting the soil deflection
from pile deflection using Equation 3.5. This relative pile-soil displacement profile was
estimated at each time step for the full length of the test. Figure 3.27 shows the estimated

relative pile-soil displacement for CT6-A at four time steps.

3.7 Estimated p — y curves

The estimation of 'p” and 'y’ was demonstrated in the above section for the representative
case CT6-A. The plot between p and y at each time step constructs a dynamic p—y curve.
The p — y curve for all other cases were carried out with the same analysis procedure as

described for case CT6-A. It can be noted that some cases may give improved performance
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Figure 3.27: Relative soil-pile displacement at four different time steps for CT6-A.

of p — y behaviour if filtering parameters and bending moment curve fitting methods are
tuned, but to have a consistency among the test results, the same numerical procedure of
data analysis was followed for all the test cases. The back-calculated p — y curves were
compared with API recommended monotonic p — y curves for sand for the non-liquefied
condition. The API curve was scaled down to 10% to obtain a reasonable comparison
between them within the scale of the axis, which is also one of the current practice of
modelling p — y curves in liquefied soil as suggested by AIJ (2001). The p — y curves
were plotted with normalized values as defined in section 3.2.3. The damping of soil from

dynamic p — y curves were also estimated which will be discussed in section 3.8.
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3.7.1 p — y curves for no lateral spreading cases (level ground

condition)

Tests CT1-A, CT2-A and CT3-A had a non failing quay wall with no large lateral soil flow.
Hence, these cases were considered as liquefiable soil without lateral spreading. Figure
3.28 shows the p — y curves estimated for these three cases at full liquefaction (6-10 sec)
at two depths (top and bottom of the liquefied soil layer). They were also compared with
10% monotonic API p—y curves for non-liquefiable soils, marked in red lines in the figure.
The difference between the magnitudes of the p — y curves in three cases are mostly due
to the distance of the pile group from the quay wall, where CT1-A was 200mm, CT2-A
was 100mm and CT3-A was 50mm (in model scale) away from the quay wall. The nearer
the quay wall, the higher was the resistance due to the stiff boundary, which is seen as a
higher magnitude p — y curves in CT3-A as compared to other two p —y curve. Although,
the magnitudes differ for the three cases, it varies in the range of 2 to 5% of the API p—y

curve for non-liquefied soil.

3.7.2 p—y curves for lateral spreading cases

All other cases except above three cases discussed in section 3.7.1 had a free base quay
wall, which failed during the test. Figure 3.29 (a) shows the p — y curves obtained from
the CT6-A during the test (0-20 sec) at top, middle and bottom of the liquefied soil
layer. As expected, the p — y curves calculated are off centered, which were due to the
lateral spreading of the soil as the quay wall failed and the soil experienced a permanent
displacement. To get a better comparison with the API recommended monotonic p — y
curves, the lateral spreading component was removed from the soil deformation and the
p — y curves thus obtained is presented in Figure 3.29 (b). The p — y curves at top of the
liquefied soil show more resistance (18 % of non-liquefied API value) than the p—y curves
at the bottom part (4% of non-liquefied API value). However, the magnitude of the p —y
curves should usually be higher at deeper depth. In the present case, this observation
could be due to higher y at shallow depth.

To note that, the p — y curves shown in Figure 3.29 are back-calculated with some

inherent limitations on accuracy due to the limited number of strain measurement points,

96



(a) (b) (c)

| — Calculated p-y — 10% of API p-y

2 . 2 T 2
z=2.Tm : z=2.1m :

z=2.1m ;

% 1 1 1
<
o)
8 O ___________________ O .................... 0
(a4
£
S - -1 _ -1

2 -2 : -2

-05 0 05 -05 0 05 -05 0 0.5

4 -
z=51m ——
2 2
<
o)
8 of- - ED ........
(a4
£
2 -2
- - -4 -
-05 0 05 -05 0 05 -05 0 0.5
Norm Disp (y/D) Norm Disp (y/D) Norm Disp (y/D)

Figure 3.28: p — y curves for cases (a) CT1-A (pile group 200mm away from quay wall),
(b) CT2-A (pile group 100mm away from quay wall) and (c¢) CT3-A (pile group 50mm
away from quay wall), where there was no lateral spreading of the soil.

curve fitting method for bending moment data and soil deformation measurements from
acceleration time history. However, the pattern of the p — y curves obtained is reasonably
good at the lower level of the liquefied soil layer than the upper level. One of the reason
may be the inability of filtered accelerometer data to capture the actual displacement in
the soil after full liquefaction as evident from Figure 3.24. The final results for the p —y
curves are presented at two levels for tests CT1, CT2 and CT3 and at three levels for other
test cases in the liquefied soil layer. The p—y curves were also compared with the 10% API
recommended p —y curves for saturated sand at corresponding depths after removing the
drift components. Figures 3.30, 3.31 and 3.32 show the p—y curves obtained for the lateral
spreading cases at fully liquefied state (6-8 sec). The observation of a higher strength at

top of the liquefied layer than the bottom layer was observed consistently. Some of the
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Figure 3.29: p — y curve in liquefied soil for CT6-A at three depths, z = 2.1m, 4.05m and
5.7m, (a) with lateral spreading, and (b) without lateral spreading (i.e., only dynamic
component after removing the permanent drift component).

p — y curves have shown unexpected hysteresis loops, e.g., in CT3-B at z = 2.1m and

CT6-A at z = 5.7m, which could have resulted from the limitations in the experimental

data and numerical processing methods.

3.7.3 Comparison of lateral spreading case near to and far from

the quay wall

Cases CT4-A and CT4-B were in the test CT4 but the pile groups were positioned at
different distances from quay wall, CT4-A was at 100mm and CT4-B at 50mm (in model
scale). Both pile groups were subjected to lateral spreading due to the failure of quay wall.
The p — y curves obtained for both the cases including the lateral spreading component

are shown in Figure 3.33. In these cases, as the magnitude of soil movement towards right
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Figure 3.30: Back calculated p — y curves for (a) CT1-B (pile group 200mm away from
quay wall), (b) CT2-B (pile group 100mm away from quay wall) and (c) CT3-B (pile
group 50mm away from quay wall) in fully liquefied soil at two depths and compared with
10% monotonic API p — y curves.

was more than the pile movement, the relative pile-soil displacement was negative. Hence,
the progression of p — y behaviour is on the negative side in Figure 3.33. Comparing the
p — y curves for both cases, they were very similar in pattern, but the magnitudes were
different. To get a better comparison of the magnitudes, the permanent displacement
component had been removed as shown in Figure 3.34. The strength of liquefied soil was
about 10% of API non-liquefied value at the top layer, which was about 2% of API value

at bottom of the liquefied soil layer.
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Figure 3.31: Back-calculated p —y curves for (a) CT5-A and (b) CT6-A in fully liquefied
soil at three depths and compared with 10% monotonic API p — y curves.

3.7.4 Comparison of lateral spreading and non-lateral spreading

cases under identical test conditions

Tests CT1, CT2 and CT3 had both lateral spreading (Side-A) and non-lateral spreading
(Side-B) model subjected to identical test conditions. The p—y curves for CT1-A, CT2-A
and CT3-A can be compared with CT1-B, CT2-B and CT3-B from Figures 3.28 and 3.30.
The results show no significant change in pattern and strength of the liquefied soil for

these three tests.
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Figure 3.32: Back-calculated p — y curves for (a) CT7-A and (b)CT8-A in fully liquefied
soil at three depths and compared with 10% monotonic API p — y curves.

3.8 Estimated damping from the p — y curves

From the dynamic p —y curves (i.e. drift removed), each hysteresis loop was separated at
the zero crossings of the displacement time history. The equivalent viscous damping was
then estimated for each hysteresis loop (section 3.4.2) and presented as a single calculated
value at the middle of the considered time band. The frequency and velocity dependent
behaviour on the p — y curve was not available in the data, and hence the possibility of
hysteresis type damping model was not explored. The damping ratios (with equivalent
viscous model) estimated during the test CT8-A at three depths are presented in Figure
3.35. Other test cases too yield a very similar pattern and magnitude of damping ratio.
The variation of damping ratio with the average shear strain in front of the pile is plotted

in Figure 3.36, considering the average shear strain as proposed by Klar (2008) as given

101



(a) (b)

Calculated p-y 10% of API p-y |

z=2.Tm r z=2.1m ’

Norm Res, p/y'hD)

Norm Res, p/y'hD)

4 : :
-06 -04 -02 0 02 04 -06 -04 -02 0 02 04
Norm Disp (y/D) Norm Disp (y/D)

Figure 3.33: Back calculated p — y curves for (a) CT4-A and (b) CT4-B subjected to
lateral spreading.

in Equation 3.14. The results have shown that higher damping is associated with small
strain vibration as the proportionate energy dissipated is large compared to large strain
vibration. This was due to the cyclic strength degradation of the soil and change in shape

of the hysteresis loop with strain.

Yavg = 2.6% (3.14)

where, ~v is defined as the average engineering shear strain around a pile due to

relative pile-soil displacement, y.
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Figure 3.34: Back calculated p — y curves for (a) CT4-A and (b) CT4-B after removing
the lateral spreading component (i.e, removing the permanent drift).

3.9 Peak bending moment along depth during the pro-

cess of liquefaction

Figure 3.37 plots the bending moment at 5 depths during test case CT6-A. Before lig-
uefaction, the soil had sufficient lateral confinement and the depth of fixity lay within
the top non-liquefied soil layer. This, hence, causes the bending moment to be maximum
near to the pile head. When the intermediate liquefiable soil layer was fully liquefied, the
lateral soil strength reduced significantly causing the location of maximum bending mo-
ment to move towards bottom of the liquefied soil layer. This can be seen in Figure 3.37.
During the pore pressure generation phase (till 5sec), the maximum BM was occurring
at the top measurement point, i.e., at z = 0.9m. However, it went down to the bottom

of the liquefied soil layer to the measurement location of z = 5.7m at full liquefaction.
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Figure 3.35: Damping ratio (¢) as obtained from dynamic p — y curves for CT8-A.

The non-liquefied soil at the base is also expected to reduce strength due to cyclic shear.
This was observed as the location of bending moment went even below the bottom of the
liquefied soil to the non-liquefied soil layer during continual cyclic loading after liquefac-
tion. This can be seen in the Figure 3.37, during 7.5 to 10.5 sec. The transition of top of
liquefied soil layer to bottom of liquefied soil layer was quick enough that did not show
the location of maximum bending moment at intermediate level of liquefied soil layer.
However, this could be a possibility when the development of excess pore water pressure

is slow depending on geophysical and earthquake characteristics.
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Figure 3.36: Damping ratio (¢) versus average engineering shear strain for case CTS8-A.

3.10 Pore pressure distribution: near to pile versus far

field

Figure 3.38 shows the excess pore water pressure (EPWP) near the pile and at the far
field during the test CT9-A. The near pile pore pressure observation was made behind the
pile during the test. The value of EPWP, being a stress parameter, remains same for both
prototype and model scale in the centrifuge test. But, the time axis changes with a scale
of 1 : n, model:prototype (as mentioned in Table 3.1). The results here are presented
in prototype scale. Figure 3.39 shows p — y curves at different times during the test.
Viewing Figure 3.39 in conjunction with Figure 3.38 shows that the resistance of liquefied

soil subjected to shear was partly attributed from the decrease in EPWP. This behaviour
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Figure 3.37: Location of peak bending moment in pile in test CT6-A.

is similar to that observed in the laboratory element tests during monotonic shearing of
liquefied soil, for example: Yasuda et al., 1998, 1999; Sitharam et al., 2009. In the initial
phase of loading, free field pore water pressure reached a maximum value (that corresponds
to o/, = 0) in 3 to 4 cycles. But near to the pile, development of pore water pressure was
dependent on pile vibration, and in each cycle the pore pressure dissipation was also
happening due to pile movement. Though, excess pore pressure near to the pile could be
the governing parameter of soil resistance, it is hard to characterize the expected value of
it in a field condition, as it depends on many parameters including the shear loading, pile
dimension, gap formation near to pile that facilitates easy dissipation of EPWP. Hence,
the lateral resistance of liquefied soil at soil-pile interface is normally characterized by the

degree of liquefaction expected in the soil at the site without considering the influence of
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Figure 3.38: Comparison of excess pore water pressure near to the pile and at the far
field, (a) full time history, (b) only during the base acceleration input in the test CT9-A.

3.11 Summary of conclusions

Thirteen pile group results from centrifuge tests have been investigated in this chapter.
The p — y curves have been back calculated from the recorded bending strain of the pile

and soil acceleration data. From the above study, the following conclusions can be made.

e The shape and magnitude of the back calculated p—y curves were having qualitative
agreement across the tests for a particular depth of consideration. Most of the cases

from the 13 test cases showed very similar pattern of p — y curves.

e Some of the tests also have shown nearly un-drained behaviour. For example at
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Figure 3.39: p — y curves at different time range during test CT9-A.

the bottom of the liquefied soil layer in CT4-A and CT4-B, the initial stiffness of
the p — y curves were very low and increased with large pile-soil displacement (see

Figure 3.34).

Results from all the test cases showed that the lateral resistance of loose to medium
dense soil (Relative density, D, = 50% in this study for liquefied soil) can normally
range from 1-10% of API suggested value for non-liquefied soil. This is with the
consideration of a mean and more representative value of lateral resistance at the
middle of liquefied soil layer. But in some cases the results at the top of the liquefied
soil layer were influenced by the overlaying non-liquefied soil layer which showed
larger resistance as compared to other cases. For example, in Case CT6-A the
resistance at the top of the liquefied soil layer was about 18% of the API suggested
value for non-liquefied soil. This higher resistance was also due to the large value

of y at shallow depth.
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e The higher lateral resistance was associated with the decrease in excess pore water

pressure near to pile as seen in CT9-A.

e The cyclic p—y curves as back calculated from centrifuge tests were used to estimate
damping ratio in the liquefied soil layer. The results have shown that the damping
ratio in liquefied soil could be very high, up to 50% in some cases. The higher
damping values were associated with small strain vibrations, which reduced during

large strain vibrations.

e Comparison between lateral spreading and non-lateral spreading ground in liquefied
soil showed that the strength of liquefied soil did not change much in the lateral
spreading case than in the non-lateral spreading case. These two cases of the p — y
curves are differentiated in literature as (a) lateral spreading case where the soil flow
past pile, and (b) non-lateral spreading case where pile vibrates in liquefiable soil.
From the author’s knowledge, this is the first set of tests that directly compares

lateral spreading and non-lateral spreading cases under an identical test condition.

e As the present analyses were involving differentiation, integration and curve fitting
of experimentally observed data, there were possibilities of error in these processes.
Hence, a detailed signal processing for the dynamic experimental data set was carry
out to be able to meaningfully analyse them. However, it must be mentioned that
some tests have shown better performance by minor adjustments in filter parame-
ters during signal processing, but this was not done in the interest of keeping the

processing consistent across all the tests.

e Some of the p — y curves have shown unexpected hysteresis loops, which could have
resulted from the limitations in the experimental data and numerical processing
methods. Some other limitations of this analysis include: a) the sudden stiffness
changes in the soil layers that have affected the p — y curves in liquefied soil due
to the imposed curve fitting of the bending moments in the pile, b) insufficient
instrumentation in the soil to measure deflection profile of soil more precisely, and
¢) the assumed linear interpolation of the free field soil displacement and the soil

displacement near the quay wall to obtain the soil displacement profile near the pile.
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e Regardless of the above limitations, the analyses were very useful as the p —y curves
look reasonable except few cases, and as expected, they also show comparatively low

initial stiffness in fully liquefied soil in line with other experimental results.
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Chapter 4

1g model test

4.1 Introduction

In chapter 3, the macro behaviour of pile-soil interaction in liquefied soil (in par-
ticular the p — y curve) was investigated through a set of centrifuge tests. While the
shape and ultimate strength of the p — y curve could be qualitatively ascertained, its
global behaviour was governed by many factors including inertia, dynamic and kinematic
interaction and model complexities such as: soil layering, quay wall position, large lateral
soil flow, pile head footing and superstructure. Those p — y curves are also not a direct
observation, rather a back-calculated value to fit the recorded bending behaviour of the
test pile. In addition, the liquefaction during the centrifuge tests occurred so quickly that
the p — y curve for different degrees of liquefaction could not be studied. Hence, a set
of 1 — g experiments were designed to study the p — y behaviour directly in liquefiable
soils. These experiments were carried out at the BLADE laboratory of the University of

Bristol.

4.1.1 Outline of the chapter

This chapter describes the 1 — g experiments carried out to investigate the resistance
offered by liquefiable soils when a large relative soil-pipe displacement is applied. The
model setup, instrumentation and control for the test rig are described in detail. From
the tests, the p — y behaviour was measured at different degrees of liquefaction and at
various rates of loading. Finally the test results and the summary of observations are

discussed.
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4.2 Test procedures and conditions

4.2.1 Test procedures

This test setup was based on a plane strain idealisation of pile-soil interaction at a par-
ticular depth/overburden pressure. In this, a pipe was pulled horizontally at different
velocities through saturated sand. Essentially, a section of the pile at a certain depth
was modelled as a buried pipe. The base of the test box was attached to an actuator to
liquefy the soil through base shaking by developing excess pore water pressure (EPWP).
The analogy of using a horizontal pipe rather than a vertical pile is explained in Figure
4.1. This idealisation is widely used by many researchers (Towhata et al. (1999); Taka-
hashi (2002); Dungca et al. (2006)) to study resistance of liquefied soil on piles. In the

present study, the tests were carried out with the following objectives:

1. To understand the change in EPWP in liquefiable soils near to the pile during the

pipe movement as compared to the far field EPWP.

2. To directly investigate the p — y curve at different degrees of liquefaction and at

different pipe velocity.

Footing

Pile

Soil

Site condition Plane of consideration A-B Plane strain idealisation

Figure 4.1: Plane strain idealisation of pile-soil interaction in the shaking table test.

4.2.2 Test conditions

A series of twenty tests were carried out, from which five representative cases are described

here (see Table 4.1). The other fifteen tests were repetitions of the given five tests; in some
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cases there were small variations in model input parameters, and thus are not discussed
here. Some preliminary tests were carried out before the main tests to characterise the
ambient conditions. These are described in section 4.6.2. The requirements of the test

conditions were as listed below.
1. The test box had to be water tight and filled with fully saturated sand.
2. The sand needed to be liquefied before starting the pipe pulling test.
3. An instrumented pipe was required to move in the soil with a desired velocity.

4. Instrumentation to measure the soil resistance over test pipe and also to record any

PWP variation at the front and back of the pipe during the test.

4.3 Scaling laws

It is difficult to extrapolate the 1 — g test results to macro behaviour due to the low stress
levels, unless proper scaling laws are implemented. The present study was primarily
investigating the phenomenological mechanics of lateral resistance of liquefied soil. The
results were analysed in model scale with following non-dimensional parameters derived

to compare the test results with other available test results.

Lateral resistance of soil

The lateral resistance of soil was scaled to normalised p as mentioned in section 3.2.3.
The normalised p in terms of measured total lateral force on the model pipe (F},) can be

written as in Equation 4.1.

Fp
+'hL,D

(4.1)

where, 7, h, L, and D are defined as effective unit weight of soil, depth of consid-

eration, length of the model pipe and diameter of the model pipe respectively.
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Pipe displacement

Similar to the normalised pile deflection as mentioned in section 3.2.3, the test pipe

displacement (y) was normalised with pipe diameter (D) as Equation 4.2.

Y
D
Velocity of pile vibration

The velocity of the model pipe (V') in liquefiable soil was normalised by the permeability

of soil (K') as Equation 4.3.

==

4.4 Model description

A typical test setup is shown in Figure 4.2, different parts of which are referred to as
the superscripts in the text. The containerV filled with saturated sand was placed over
two slider beams/* and connected to an actuator/®) at the base. The plane of pile-soil
interaction at a particular depth was modelled with plane strain idealisation by a pipe/®

F19) hanging

of 60mm diameter. The pipe was held in place with two stainless steel rods'
from the top sliding platform?. Two load cells were connected to these rods to measure
the nett lateral force on the pipe from the soil. The pipe was moved back and forth
by an actuator’® mounted on top of the container. The top sliding platform? was
designed to connect to the actuator and also to hold the pipe at required level inside the
container. Real time movement of the pipe and top actuator was measured by a position
transducer fitted on top of the container.

The working principle of the test setup is schematically demonstrated in Figure 4.3.

While the base shaking was causing the sand to liquefy, the top actuator was making the

pipe to move in a desired velocity. The pipe was instrumented with two pore pressure
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Position transducer (f9) Sliding platform (f2) Top actuator (f3)

Holding
rod (f10)

Strong wall (f7)

Base actuator (f6) Instrumented pipe (f5) Slider beam (f4)
Figure 4.2: A typical 1 — g test setup used in the pile-soil interaction study.

transducers at its front and back. Two sets of electrodes were also fitted to it to measure
density change around it by electrical resistivity tomography (ERT). The details of the
application of ERT in experiments are given by Dash et al. (2010b). The results of ERT
are not within the scope of this thesis. The pipe was positioned in the container 120 mm
from the bottom. A water supply unit was fitted at the bottom of the container with an
inlet at the top. Deionised water with 0.1% NaCl (99.8% pure salt) was used to saturate
the sand. The salt was added to the water to have a better electrical conductivity, which
was useful for ERT measurements. Table 4.1 presents the test conditions for the five
considered test cases. The major components of the test setup are described below in

detail.

4.4.1 Sand

In all the tests, Red Hill Amber (RHA) sand was used. This was a sub-rounded silica
sand with average grain size of 216 microns whose geotechnical properties are presented
in Table 4.2. The grading curve of this sand is plotted over the grain size distribution plot

for liquefiable soils, as shown in Figure 4.4. The figure shows that the RHA sand falls
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Figure 4.3: Schematic of the test setup and instrumentation.

Table 4.1: Test conditions for lateral resistance of liquefied soil to pipe pulling (Negative
. value means generation of negative pore water pressure).

Test Base Velocity Normalised Max (+ve Initial D,  Effective
1D Shak- of pipe pipe and -ve) of soil, unit
ing pulling velocity ru(%) (%) weight of
(V) (V/K) soil, o'
(kN/m?)
STT1 No 4mm/s 2.7e3 0 54.3 7.895
STT2  Yes 100mm /s 6.7e4 55 to -30 45.3 6.158
STT3  Yes 100 to 6.7e4 to 25 to -25 47.5 6.291
180mm /s 1.2e5
STT4  Yes 225 to 1.5€5 to 50 to -45 58 8.704
270mm /s 1.8e5
STT5  Yes 270 to 1.8e5 to 45 to -45 50.4 6.494
280mm /s 1.87e5

within the zone of most liquefiable soils and therefore considered suitable for this study.

Table 4.2: Geotechnical properties of RH Amber sand.

Property Symbol Value

Specific gravity G 2.65

Friction angle 10} 30°

Maximum void ratio emaz 0.91

Minimum void ratio Emin 0.63

Densest bulk density Pdense 1630 kg/m?
Loosest bulk density Ploose 1390 kg/m3
Permeability with water K ~1.5 x107% m/s
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Figure 4.4: Grain size distribution for liquefiable soils suggested by Tsuchida, 1970
(Source: Xenaki & Athanasopoulos, 2003). Grading curve for Red Hill Amber sand
is shown in red.

4.4.2 Container

The model container used in this study was a watertight box with inside dimensions of
450mm (width), 240mm (breadth) and 400mm (height). The front face of the box was
made up of a transparent Perspex sheet (25mm thick) to observe the soil flow around the
pipe during the test. All other sides of the box were PTFE (poly-tetra-fluoro-ethylene)
sheets of 25mm thick. Both the materials used in the box are strong, light weight and
good electrical insulators. The design of the container was rigid, so flexible boundaries
were installed on two inner side walls of the box as described in section 4.4.6 to increase

the shear strain in the soil to liquefy it.

4.4.3 Actuators

Two electro-mechanical actuators (f3 and f6 in Figure 4.2) were used in the test setup.
Close up photographs of both actuators are shown in Figure 4.5. The base actuator! was
capable of high frequency and low amplitude vibration, whereas, the top actuator was

capable of low frequency and high amplitude vibration. The top actuator was N-series

!Being an old actuator it’s manufacturer information was not available.
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electric cylinder? type with maximum thrust of 977N. Both the actuators work in DC.
The maximum voltage rating for the bottom actuator was 24V, and for top actuator was

160V.

() Base actuator (b) Top actuator
(High frequency Smaller stroke length) (Low frequency longer stroke length)

Figure 4.5: Base and top actuator used in the test.

4.4.4 Top sliding arrangement

A sliding arrangement was designed to hold the instrumented pipe in position and allow
it to move horizontally by the top actuator. Figure 4.6 shows the sliding arrangements in
detail. The arrangement uses three points bearing over two side rods to avoid a bearing
jam in the event of slight misalignment. The instrumented pipe was hanging down from
the sliding plate with two stainless steel rods. These rods were covered with electrical
insulation tapes to avoid interference with ERT measurements during the test. Two force
sensors were fitted to the holding rods that measured the soil resistance on pipe during the
test. Calculations for the total force on the pipe from force sensor readings are described
in section 4.6.2. A position transducer was attached to the container and used to measure

the movement of the sliding plate, which was same as the pipe movement.

4.4.5 Instrumented pipe

A nylon pipe of 60mm external diameter and 6mm thick was instrumented with two pore
pressure transducers, one at front and one at back, and two sets of electrodes. Figure 4.7
shows the left side of the instrumented pipe, where six electrodes and a PDCR 80 (PPT-

Left as in Figure 4.3) can be seen. On the other side of the pipe, another PDCR 80 was

2IDC (Industrial Device Corporation, Novato, CA, www.idemotion.com) Electric Cylinder Model,
NH-105B, INDO006, Serial No: 9809 023265, Rated Voltage 160V, Rated Current S8A.
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Figure 4.6: Top sliding arrangement.

there at the centre and a set of six electrodes as shown in the Figure 4.7. The non-metallic
pipe material was chosen to avoid interference with electrical resistivity measurements at
the surface of the pipe. Foamed neoprene sheets were put on both ends of the cylinder for
soft and sticky contact with the side of the container (see the black neoprene sheet visible
at the end of the pipe in Figure 4.2). The pipe ends were flush to the inside walls of
the container. These neoprene sheets were used here to prevent sand particles and water
migrating from one side of the pipe to other during the test through the gap between pipe

and side walls of the container.

4.4.6 Boundary modelling

Boundary conditions are highly important in physical models in soil, and especially during
wave propagation problems where the boundary can seriously alter the wave field in the
soil. In practice, three types of containers are generally used in model tests, such as:
(a) laminar shear box, (b) equivalent shear beam (ESB) container, and (c) rigid box

with shock absorbing materials at the end. Although each method of modelling the soil
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Figure 4.7: Instrumented Pipe.

boundary has certain limitations, they are used in experiments according to the test

requirements. In the present study, the third method was adopted.

Initially the rigid box was used without any shock absorbing materials at the ends.
Preliminary tests on the container with saturated sand of D, =~ 50% showed that the
shear induced due to base shaking was not sufficient to cause liquefaction of the sand due
to the rigidity of the boundary. Hence to add shear deformation at the boundaries, two
sponge pieces were attached to each of the shorter-dimension sidewalls. The sponge on
each side was 3cm thick at top and 6cm at bottom in the empty tank, which became
about 3cm thick throughout the depth once the tank was filled with sand (Figure 4.3). A
similar use of sponge at the ends of a rigid container was also implemented by Ha et al.

(2011) during liquefaction study on shaking table tests.
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4.5 Instrumentation

4.5.1 Accelerometer

A high sensitivity general purpose ICP® (Integrated Circuit Piezoelectric) accelerometer?
as shown in Figure 4.8(a) was installed at the bottom of the container to measure base

acceleration. The accelerometer sensitivity was 100mV /g and it could measure up to 50g.

4.5.2 Position transducer

A precision cable-extension position transducer as shown in the Figure 4.8-b was used
to measure the displacement of test pipe. The transducer signal was also used to control
the top actuator using a closed feedback loop, which will be discussed later in section
4.6.1. The transducer had a full stroke range of 0 - 635mm. It had been calibrated with
a straight line fit to the data points of known displacement inputs. The linear region of

the fit gave the calibration constant for the transducer as 28mV /mm.

4.5.3 Force sensor

Three force sensors® as shown in Figure 4.8c were used in the setup. Two were fitted to the
pipe holding rods (Figure 4.6) to measure the force on pipe. The third was fitted in series
with the top actuator (Figure 4.3) as a safety feature to prevent the actuator exceeding
it maximum capacity. These sensors could measure up to 2.224kN in compression and
tension, and their sensitivities were 2.36mV /N for the front rod sensor, 2.329mV /N for

the back rod sensor and 2.341mV /N for the actuator sensor.

4.5.4 Pore pressure transducers

Two Druck® PDCR-80 miniature Pore Pressure Transducers (PPTs) were used at the
front and back of the instrumented pipe to measure positive and negative pore water

pressures. The measured values were used to represents the state of liquefaction around

3Manufactured by PCB Piezotronics, Serial no: 26285
4Manufactured by Celesco®, model no. PT101
SManufactured by PCB Piezotronics ICP®, model no: 208C30
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PCB® accelerometer Celesco® position fransducer PCB® force sensor

Figure 4.8: Accelerometer, position transducer and force sensor used in the test setup.

the pipe. These PPTs were flush to the pipe surface so as to cause minimum disturbance

to the soil flow around the pipe.

The PPTs were rated with 17.24 kPa (2.5 psi) range for a maximum input of 10V.
A typical PDCR-80 PPT and its dimensions are shown in Figure 4.9. The pore water
pressure is measured by the flexible silicon diaphragm present in front of the PPT. The
diaphragm is protected from the surrounding soil by a ceramic filter at its front that
allows only the pore fluid to get into the PPT. If there is any entrapped air in the top
ceramic filter it will give erroneous readings. To avoid this, the PPTs were saturated and
calibrated prior to their installation in the saturated soil. A complete saturation prior to

their use was very important to get reliable measurement of negative pore water pressure

(Take & Bolton, 2002).

A schematic showing the procedure and experimental setup for PPT saturation is
presented in Figure 4.10. This was carried out in a small airtight chamber as suggested
by Take & Bolton (2002). This procedure involved two major steps; a) taking out the
entrapped air completely from the PPT, and b) saturate it fully with pore fluid (de-ionised

water in this case). The PPTs were prepared as follows.

Both PPTs were placed in a single airtight saturation chamber as shwon in Figure
4.10b. The saturation chamber had been half filled with de-ionised water and connected
to a vacuum pump (for schematic see Figure 4.10a, Step-1). Initially, the transducers were

kept above the water level. A negative pressure of 15kPa was applied to the chamber by a
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Ceramic filter Source (+)
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Output (-)
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10.15 mm 0.25 mm 12.4 mm

Figure 4.9: Schematic of PDCR 80 Pore Pressure Transducer.

vacuum pump and the PPT readings were amplified by a DC amplifier and continuously
monitored using a signal monitoring unit. The PPTs took about 15 minutes to attain
a constant pressure reading, which ensured that the ceramic filter and the gap between
it and the diaphragm was almost air free. The saturation chamber was then tilted 90°
allowing the transducers to be immersed in the water while it was still under negative
pressure (for schematic, see Figure 4.10a, Step-2). This allowed the water to enter the
void spaces of the transducer. The transducer readings were continuously monitored. It

took about two and half hours to attain complete saturation.

After saturation procedure, the same setup was used to calibrate the transducers.
Known negative pressures were applied (within 15kPa range) using the vacuum pump and
positive pressures were applied by a static water head (for which the vacuum pump was
turned off). The calibration curve between the applied pressures and the PPT readings
was found to be linear and repeatable both in the positive and negative zones, which
confirms that the PPTs were in good condition. The PPTs were then installed on the test
pipe under water and kept in water until they were mounted in the sand box (this was to
keep the PPTs saturated). The pressure ranges of the PPTs (17.5kPa) covered the range

of pore water pressures expected to be measured during the tests.

Another general purpose PPT, PDCR-830, was used to measure pore water pressure

of the soil away from the pipe (see Figure 4.3). This PPT did not have a porous stone,
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instead, it was fitted with a stainless steel filter cap. Hence, it did not require pre-
saturation before installation. The reading measured by this PPT was considered as the

far field PWP measurement.

(@) Schematic of PDCR-80 PPT saturation

Lo Water

Saturation chamber inlet
Water Vacuum

inlet control PPT

' = conmo
Saturation chamber _
PPT
Step-1: removal of air Step-2: Saturation with water
(b) Experimental setup for two PDCR-80 PPT saturation

Step-1: removal of air Step-2: Saturation with water

Vacuum pump Vacuum control valve

Saturation chamber

DC ampilifier and signal
monitoring device

Figure 4.10: PPT Saturation procedure, (a) Schematic and (b) experimental setup.

4.5.5 Signal conditioning and data acquisition system

An independent data acquisition and test control setup was prepared for this experiment.
A dSpace® board fitted to a computer was used with Simulink® for data logging and
also to control the actuators. For the execution of real-time testing, a Simulink model was
prepared and controlled by an interface software environment called ControlDesk®. A 20
channel A/D and 8 channel D/A connector was used for establishing connections between

instruments and the dSpace® board. Figure 4.11 shows the data acquisition and test
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control unit used in the test. DC amplifiers were used for force sensors, accelerometer,
pore pressure transducers and displacement transducer to amplify the recorded signal and
to minimize the noise.

ControlDesk® data DC power supply and signal conditioner 24V DC
acquisition software for accelerometer and force sensor base actuator controller

PC with DC power supply and 160V DC
dSpace® board signal conditioner for PPTs top actuator controller

Figure 4.11: Data acquisition and signal conditioning system.

4.6 Test control

4.6.1 Actuator control

The lower actuator, used to induce base shaking, was controlled by an independent 24V
DC power supply unit which was capable of changing the amplitude and frequency of the
input signal.

During the cyclic loading of the pipe by the top actuator, symmetrical triangular
waves were applied to achieve a constant velocity of pipe. The velocity of the pipe
movement, V', was ranging from 100mm/s to 280mm/s. During slow monotonic loading
of the pipe by the top actuator, the velocity of pipe was 4mm/s.

The upper actuator displacement, which had to be precise as it directly controls
the pipe movement, was controlled by the dSpace® board with a real-time closed loop
feedback circuit. The feedback circuit received the actuator position at each time step

obtained externally from the position transducer. Figure 4.12 shows a typical desired
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versus obtained value of displacement and velocity from the top actuator. It is very
difficult to obtain the exact match between desired and obtained values, however, the
precision obtained was considered acceptable for the tests. Over tuning of the actuator was
avoided, which could have produced local oscillation and affected the smooth transition
of velocity direction.

The upper actuator was fitted with an elastomeric spring inside to avoid potentially
damaging actuator jams, which sometimes arises when the motor of the actuator is acci-
dentally commanded to move towards a hard end stop. The position transducer, which
was monitoring the actuator displacement, was used as an additional safety measure to
prevent this situation. The position transducer reading was used to decelerate the actu-
ator movement when it crosses the set safety limit, which was within the maximum and
minimum possible shaft position of the actuator.

Another safety measure was implemented by installing a force sensor in front of the
actuator. If any condition, either due to jam of the top sliding unit or very high resistance
to pipe movement, that imposes more thrust to the actuator that it can bear, the motor
of the actuator can get damaged. To avoid any such situation, the force sensor reading

was used to stop the actuator if it was subjected to higher force than allowed.

4.6.2 Test sequence

After the test setup was instrumented but without sand in the box, the model pipe was
installed and a few pre-test runs were performed. As the ends of the test pipe were flush
to the container walls, resistance due to friction on both ends of the pipe was expected.
The total end frictional resistances (Fy,1+ Fspo in Figure 4.14) were measured for various
velocities of pipe movement. The measurements were obtained at intermediate cycles,
after leaving few initial cycles of pipe movement, to obtain consistent values over a number
of cycles. The pipe ends were wetted to get the best possible estimation of end resistance
that would arise during the test when container was filled with saturated sand. Figure
4.13 shows the measured total side resistance for different pipe velocities. The higher was
the pipe velocity, the lower was the end frictional resistance, and it was varying between

4 to 10% of the total force on pipe. A power curve trend-line was fitted to the measured
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Figure 4.12: Typical top actuator performance, desired value versus obtained value of
pipe velocity and displacement from Test STT-5.
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Figure 4.13: Ambient frictional resistance of the pipe from inside wall of the box (Fyy +
Fyp).

After the pre-test runs, the model pipe was taken out of the container and instru-
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mented with two sets of electrodes and the two PDCR 80 PPTs. The instrumented pipe
was then kept under water until its installation inside the container. The container was
then filled in two phases. Initially, dry sand was poured in the box loosely to a level
120mm above the base. Water was then slowly fed into the sand though feed pipes from
the base of the container. Once the soil was saturated, the instrumented pipe assembly
was taken out of water and fitted into position. Then the next section of the container was
filled with loose sand and saturated with the water supplied through the base. Once the
container was filled with saturated sand, a small amplitude base shaking was applied for
2-3 seconds to ensure that the sand did not contain any entrapped air. This, however, did
densify the sand slightly but not significantly. The average initial values of effective unit
weight and relative density of the sand in the container during each test were estimated
and are given in Table 4.1.

A few tests were then carried out to check the development of pore pressure in
the box for different frequencies and amplitudes of base shaking. The tests had shown
better performance in terms of generating pore water pressure and maintaining it with
a base acceleration of about 0.3¢ at 4Hz frequency. As the test setup allows drainage
at the surface, pore water pressure dissipation was very quick and hence the tests could
only sustain fully liquefied condition for a very short time, only about 2-3s. However,
with continual base shaking at different amplitude, a range of partially liquefied soil was

simulated.

4.6.3 Measurement of soil resistance

During the tests, the total force on the pipe was measured using the two force sensors.
The estimated end friction was deducted from the total force measured to obtain the sand

resistance, F,. Equation 4.4 was used to obtain this.

2
Fp:(Fsl+Fs2)><__

o~ (Pt + Fip) (1.4

where, F,; and Fy are the forces recorded with force sensor 1 and 2 respectively.
Fop1+Fyp are the average expected resistance over two pipe faces for the considered

velocity of pipe movement. The procedure of obtaining F}, has been shown schematically
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in Figure 4.14.

Fo = (Fs1 + Fsd xL2A]
- [Fspl +/:sp2]

/

(F1+F2 s

F2N\ 12 =50 mm
Fs& @

¢ Hinge

L7 =260 mm

EspZ

(Fo + Fso)/2
%@
”
O Total force Fsp = Side friction force (Fsp1 +Fap2)
/}7@,) » on pipe (£ Fs = Force recorded with force sensor (£s1, Fs2)

Figure 4.14: Schematic showing estimation procedure of total soil resistance on pipe.

4.7 Test results

The soil resistance for various rate of pipe movement was recorded and normalised as
discussed in section 4.3. To avoid unwanted high frequency noise from the recorded

signal, a low pass filter was used with a cut-off frequency of 20Hz.

The degree of liquefaction is represented by the excess pore water pressure ratio
(EPWP) ratio, r,, as defined in section 2.3.1. The tests showed different values of EPWP
near to the pipe and in the far field. To characterise the soil resistance for different r,,
the value near to the pile was chosen to be more representative of the situation. As the r,
values were different at front and back of the pipe, both r, values were used to represent
the state of liquefaction for the corresponding cycle of pipe displacement, for example see

the legends of the Figures 4.17 to 4.20.
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4.7.1 Change in pore water pressure around the pipe and in the

free field

Figure 4.15 shows the results of the monotonic pipe pulling test (see STT1 in Table 4.1)
in saturated soil without base shaking. When the pipe was pulled, it compressed the
soil at its front and in turn generated pore water pressure, which can be seen in the
figure as PPT-Left. At the rear of the pipe, in contrast, no pore water pressure was
generated initially, which can be seen in the figure as PPT-Right. Due to the presence
of the dissipation boundary at the soil surface, the pore pressures generated at the pipe
front was not sustained for long and began to dissipate after 8 seconds. The pore pressure
continued to decrease even below the initial overburden pressure, which can be seen as
negative r,, after 10 seconds. The pore pressure generated at the far field was lower
than that near to the pipe as the only source of pore water pressure generation was pipe
displacement. The soil in front of the pipe was compressed and resulted in heaving of the
ground, which caused the r, to be even lower than the initial pore pressure ratio at the

front of the pipe due to increased overburden.

For cyclic pipe displacement as shown in Figure 4.16 for test STT2 (see details of the
test in Table 4.1), the pore pressure difference between front and back of pipe was more
or less similar but opposite in sign. It was very difficult to carry out cyclic pipe pulling
test in non-liquefied soil due to its very high lateral resistance, which the top actuator
was not capable of applying. Hence, the cyclic pipe pulling test was carried out with base
shaking. The pore pressure generation and dissipation near to the pipe was due to both
base shaking and cyclic pipe displacement. The pore pressure in the soil away from pipe
was observed to be more than that near to the pipe. This could be due to the rod holding
the pipe providing a dissipative route. While the pore pressure was being generated at
the front of the pipe, at the back it was being dissipated, often reaching negative values.
At this point, it could not be determined whether the compression at the front of the pipe
was the main contributor to the soil resistance or the negative pressure at the back of the

pipe or both.

For both monotonic and cyclic loading, the free field pore water pressure showed a

very similar pattern to that of the pore water pressure close to the surface of the pipe on
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Figure 4.15: Pore water pressure distribution in the front and the back of pipe during
monotonic pulling test STT1 (velocity = 4 mm/s).

the same side (PPT-Left).

4.7.2 Effect of degree of liquefaction on p — y curve

In test STT2, the pipe was vibrating at nearly constant velocity of 100 mm/s and the
pore pressure was varied by varying the amplitude of base shaking. Figure 4.17 shows
the normalised soil resistance versus normalised pipe displacement for different degrees
of liquefaction in the sand. This figure essentially represents p — y behaviour in partially
liquefied soil in a vertical drainage condition. As expected, the higher the degree of
liquefaction the lower was the ultimate lateral resistance of sand. At 20% liquefaction the
non-dimensional ultimate resistance was about 6.5 which further reduced to a value of 5

at 25% liquefaction and 3 to 4 at about 50% liquefaction. As the degree of liquefaction
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Figure 4.16: Pore water pressure distribution for cyclic pipe pulling test with a constant

velocity of 100mm /s during 20s to 60s of test STT2.

increases, the displacement at which soil strength gets mobilised becomes larger. Also the
pattern of p — y curve is strain hardening in contrast to the conventional use of a strain
softening p —y curve (see section 1.3.1). The API (API, 2000) recommended design value
of monotonic p—y curve for non-liquefied soil is plotted in the same figure for comparison.
The observed maximum soil resistances for partially liquefied soils were lower than the
API suggested value for non-liquefied soil. At 20% liquefaction (r, = 20%), the observed

and API values of maximum soil resistances were quite close, however, the observed initial

stiffness was quite small compared to the API curve.
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Figure 4.17: Normalised p — y curves with different degrees of liquefaction in test STT-2,
, = 45.3%.

4.7.3 Effect of loading rate on p — y curve

The rate of loading has been a topic of long discussion in academia due to its implication
in whether to consider the liquefied soil as a thick fluid or a loose solid. A set of fast
triaxial and model pile tests by Holscher et al. (2008) have shown that the loading rate
effect is very small, about 5% for the bearing capacity of the saturated and dry sandy
soil. However, for fully liquefied soil, Towhata et al., 1999, Takahashi, 2002 have shown
that an increase in loading rate increases the strength of the soil significantly. Hence, they
have characterised the fully liquefied soil like a thick fluid where a higher rate will give
greater drag force. However, for partially liquefied soil, the effect of loading rate could
vary depending on the degree of liquefaction. Figure 4.18 shows the normalised p — y
curve for partially liquefied soil with 25% degree of liquefaction (r,) for variable speed
of pipe. Although, the r, near the pipe was changing due to the change in the speed
of pipe, its magnitude was not very significant (< 4%) due to this change. At this level
of liquefaction the soil was still behaving more like a solid and the change in the pipe
velocity had very little influence on the shape and magnitude of the soil resistance. For

the change in velocity from 100mm/s to 180mm/s, the difference in normalised maximum
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soil resistance was only about 7%.
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Figure 4.18: Normalised p—y curves for partially liquefied soil with different pipe velocities
in test STT-3, D, = 47.5%.

4.7.4 Effect of both loading rate and degree of liquefaction on

p — Yy curve

In tests STT-4 and STT-5 both degrees of liquefaction and loading rates were varied
during the tests. The normalised p — y curve for these cases are presented in Figures
4.19 and 4.20 respectively. These results also show a similar behaviour to Figure 4.18,
where the velocity had little influence on the resistance of soil. In Figure 4.19 at an r, of
30% the loading part of the curve is very similar to API monotonic p — y curve but the
mobilizing displacement for full soil strength, 0.4 y/D in this case, is about 4 times larger
than API value (70.1 y/D). The initial stiffness of p — y curve decreased with increasing

liquefaction, however, the stiffness and strength at large displacement were not affected.

4.7.5 Effect of relative density on p — y curve

The normalised p — y curves at different relative densities from tests STT2, STT4 and
STT5 were compared as shown in Figure 4.21. The results show that the stiffness of

p — y curves both at small and large deflection increases with increased relative density
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Figure 4.19: Normalised p — y curves with variable degrees of liquefaction and different
pipe velocities in test STT-4, D, = 58%.
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Figure 4.20: Normalised p — y curves with variable degrees of liquefaction and different
pipe velocities in test STT-5, D, = 50.4%.

for comparable levels of liquefaction. At large relative pipe-soil displacement, i.e. about
0.5D, the p — y curve attained the ultimate possible strength as can be seen in the figure
for D,=58%, with the occurrence of flat plateau. However, other two cases, D, = 50.4%
and D, = 45.3%, may have required higher levels of displacement to mobilise their full

strength.
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Figure 4.21: Normalised p — y curves for different relative densities at r, ~ 40 — 50%.

4.7.6 Maximum resistance of p — y curves with respect to r,

The normalised maximum soil resistance at different degrees of liquefaction (for positive
values of 7, only) for the test cases STT2, STT4 and STT5 are plotted in Figure 4.22.
These values are also compared with the design value of maximum soil resistance suggested
by API guidelines (API, 2000). From a series of centrifuge tests, Dobry et al. (1995)
obtained a linear strength degradation pattern for liquefiable soils at different degrees of
liquefaction (see Figure 2.30), which is also presented in the figure for comparison. The
present test results show degradation in maximum soil resistance for increasing degree
of liquefaction (r,), which are in line with the findings by Dobry et al. (1995). For case
STT2, the figure shows that at 50% liquefaction the strength degradation is nearly half
of the non-liquefied strength suggested by API guidelines (Figure 4.22a). For tests STT4
and STT5, the pattern of reduction in maximum resistance with r, is also apparent in
the Figure 4.22b, however, the magnitude is smaller compared to the API suggested value
with Dobry et al.’s (1995) linear degradation pattern. To note, the API suggested values
are design values and meant to be conservative and generic for all sandy soils in field. The

data scatter in Figure 4.22b can partly be attributed to the variations in the mobilised
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strengths that were achieved in the tests. For example, STT4 seems to have mobilised

the full strength, whereas, others did not.

a b
@, (b);
3
£ Q10 - 10 &
g \Q% S .4
£s 890 8 - o .
SR RN [ S
€ o ~ | S
5 9 6 - < 6 ~
e =~ s
O < ~ N
29 RN RN
g2 4 e _ 4 STT4 test dota SN
E O SO O APlvalueforSTi4 SO
O 2 ° STT2 test data ~ 2 ¢ STTS test data ~
Pz o APlvalue for STT2 S e o APl value for STTS S
= = = *Dobryetal (1995) S e = = = Dobryetal (1995) N
0 \ T 0
0 25 50 75 100 0 25 50 75 100
Pore pressure ratio 7, (%) Pore pressure ratio 7, (%)

Figure 4.22: Maximum soil resistance for different degrees of liquefaction for tests (a)
STT2 (D, = 45.3%), and (b) STT4 (D, = 50.4%) and STT5 (D, = 58%).

4.8 Summary of conclusions

The variation of ultimate soil resistance and the pattern of p — y curve have been studied
through a series of 1¢ tests in liquefiable soil, where the pile-soil interaction at a particular
overburden pressure was modelled as a horizontal pipe with plane strain idealisation.
Although, in field conditions a pile may be subjected to transient flow in the axial direction
due to upward dissipation of excess pore water pressure and axial shaft resistance from
liquefied soil, these effects are generally very small compared to the effects of lateral
loading and as a result the plane strain approach used here was considered satisfactory.
This chapter investigates the change in degree of liquefaction in the soil surrounding
the pipe when large relative pile-soil displacement is applied. The tests were carried out
at different degrees of liquefaction and different velocities of pipe pulling. The specific

conclusions obtained from this study can be summarised as below.

e From the observations in partially liquefied soil (50% liquefied) for different veloci-
ties, it can be concluded that the loading rate effect on p — y curves in the tested

range of pipe velocities (100mm/s to 280mm/s) was not very significant.
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e The observations also confirm that the p—y curve in liquefied soil is strain hardening.
All the tests have shown that the initial stiffness is small and it increases with higher
pipe displacement. The initial stiffness also reduces with increase in the degree of

liquefaction, however, the stiffness at large displacement does not get affected by it.

e The present test results in liquefiable soils show degradation of maximum soil resis-

tance with increasing degree of liquefaction (7).

e There is significant difference in EPWP near the pipe and far field, the soil resistance
is more representative of the state of liquefaction near to the pipe. However, in a
practical situation, estimation of EPWP near to the pile foundation could be quite
difficult and hence the design guidelines generally recommend soil resistance based

on expected level of PWP in the soil at site without considering pile.

e The experimental setup needs further improvement in terms of higher depth to
simulate greater stress level in soil and a better base actuator system that can

generate and sustain full liquefaction in soil for required time.
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Chapter 5

Stress-strain to p — y curve for fully
liquefied soil

5.1 Introduction

Element tests are one of the most important methods used in practice to obtain stress-
strain behaviour of soils. From many of these tests on liquefied soil available in the
literature we have acquired considerable understanding on liquefied soil’s stress strain
behaviour. The lateral soil springs (defined by p — y curves) are essentially load defor-
mation characteristics of the soil. Fundamentally, the p — y curves ought to be related
to the stress-strain behaviour of the soil, however, current practice does not include this
in constructing the p — y curve (Dodds & Martin, 2007; Dash et al., 2008). The p —y
curves used in current practice for both non-liquefied and liquefied soils have higher initial
stiffness that degrades with increasing displacement (see Figure 1.6). For liquefied soil,
this may not be a conservative design approach if compared with the observed p —y curve
behaviour in the full scale study by Rollins et al. (2005), where initial stiffness is very

small and increases with increasing displacement.

Hence, the present understanding of the behaviour of liquefied soil from element
tests, p — y curve from some model studies and the similarity between them (see section
2.8.3) has prompted the investigation of establishing a rational p—y curve for fully liquefied

soil derived from its fundamental stress-strain behaviour in this chapter.
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5.1.1 Outline of the chapter

Initially, a brief historical note on the evolution of p — y curves is presented to justify the
importance of this study. A pool of well-documented element test results providing stress-
strain behaviour of post liquefied soil are collated and analysed critically with respect to
various dependent parameters. The rate effect on the behaviour of liquefied soil has been
investigated through a collaborative study on element tests carried out at the University
of Yamaguchi, Japan. With the current state of understanding, a simplified monotonic
stress-strain model is proposed that can be used in field cases where actual stress-strain
behaviour of the soil is not readily available. The method of deriving a p — y curve from
the shear stress (7) - shear strain () curve is discussed. This method relates p with 7
and y with v using two scaling parameters Ny and M,. The values of Ny and M, are
investigated through finite element analysis by using COMSOL (COMSOL, 2009) and
suitable values for fully liquefied soils are proposed. At the end, the construction of the
proposed p — y curve has been demonstrated with two solved examples and compared

with available experimental p — y curves.

5.1.2 Brief evolutionary history of p —y curve and justification of

this study

The concept of p—y curve was first developed by McClelland & Focht Jr (1958) where they
obtained discrete load deflection parameters (p and y) from the strain-gauge measurements
on a full- scale test pile. To note, this was a similar kind of exercise to that carried out
in chapter 3 to obtain p — y curves from the centrifuge test data. Their work introduced
the so called p — y curves that have become the backbone curve for soil springs when
analyzing laterally loaded piles using BNWF models.

Since the initial work of McClelland & Focht Jr, 1958, numerous studies have been
carried out to establish appropriate formulations for p — y curves based on experimental
studies and theoretical models. A list of important developments in this respect are listed
in Table 5.1. In the last 50 years, the p — y curve has evolved to a state ready to be used
in practice, and it has been used with confidence for soil at service condition. However, an

appropriate p — y curve for liquefiable soil is still not available. As mentioned in chapter
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1, the recent observations of p — y curves in liquefiable soils in many model-scale and full-
scale tests have shown loose correlation with current practice and strong correlation with
the stress-strain behaviour of soil. This supports the idea of investigating the procedure of
obtaining the p—y curves form soil’s stress-strain behaviour, and especially its application

for liquefied soil.

5.2 Different stages of LPSI in liquefiable soils during
earthquake

Figure 5.1 shows a typical soil-pile interaction and corresponding stress-strain behaviour
of liquefiable soil during earthquakes. The interaction is broadly classified in three phases,

such as:
1. Phase -1: Earthquake loading before liquefaction:

During first few cycles of earthquake the amount of excess pore water pressure
(EPWP) developed is very small and the soil is generally described as non-liquefied.
Although, the soil stiffness degrades with each cycle of loading, this is quite small
and the pile-soil interaction is practically treated as if the pile is vibrating in a non

degraded soil.

2. Phase - 2: Development of full liquefaction:

With continuing earthquake loading, the EPWP continues to rise and the soil reaches
a state where its effective confining pressure becomes nearly zero. The soil is then

described as fully liquefied and looses considerable strength and stiffness.

3. Phase -3: At full liquefaction:

Once the soil is fully liquefied by development of the maximum possible EPWP, it
normally remains liquefied for a few seconds to a few minutes depending on field
drainage conditions and earthquake characteristics. Two types of lateral pile soil

interaction may be visualised in this phase:

(a) Cyclic: Pile vibrates cyclically in fully liquefied soil due to base shaking and it

interacts dynamically with the liquefiable soil.
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Table 5.1: Major contributions in the evolution of the p — y curve.

Reference (s)

Development of p — y curve

Remarks

McClelland &
Focht Jr (1958)

Concept of p — y curve was first developed from a
series of full scale pile test data.

Experimentally calibrated
model

Matlock (1970)

Constructed p — y curve for clay from a series of field
tests with static, cyclic and subsequent reloading

conditions.

Experimentally calibrated

model

Reese et al.
(1974, 1975)

Suggested step by step procedure for constructing
p — y curve for clay and sand based on pile and soil
properties, and then adjusted for full scale

experimental test data.

Semi-empirical model and
modified to agree with

experimental results

Kagawa & Proposed dynamic p — y relationship for an elastic Equivalent linear elastic

Kraft (1980) system from fundamental properties of soil. model

O’Neill & Collated available well documented full scale test data ~ Semi empirical and modified

Murchison and modified the p — y construction method of Reese to agree with experimental

(1983) et al. (1974) and Reese et al. (1975). value

Ashour et al. Proposed p — y curve based on strain wedge model Semi-empirical model

(1998) relating soil’s stress-strain behaviour.

Goh & A clay type p — y curve model for liquefiable soil was The shape of p — y curve is

O’Rourke proposed based on undrained shear strength of the similar to that of clay with

(1999) sand. high initial stiffness.

APT (2000) American Petroleum Institute (API) included O’Neill This semi-empirical model is
& Murchison (1983) recommendations in the still used in practice.
subsequent edition of API RP-2A-WSD in 1987. API
guideline does not provide any guidance for p — y
curves in liquefied soil.

A1J (2001), A reduced strength p — y curve for liquefied soil from The shape of p — y curve

Brandenberg API suggested non liquefied soil’s p — y curve. The remains similar to that of

et al. (2005)

strength reduction coefficient is correlated with the
SPT value of soil.

non-liquefied soil.

Haigh (2002)

Modified the p — y curve formulation for soft clay
including excess pore pressure as a variable to

construct p — y curve in liquefied soil.

The shape of p — y curve is
similar to that of clay with
high initial stiffness.

Tokimatsu &
Suzuki (2004)

Based on three large scale shaking table tests (nearly
full scale) of piles in liquefiable soils, suggested that
the shape of p — y curve for liquefied soils have a strain
hardening behaviour, completely different than the dry

soil’s p — y curve (strain softening).

The shape of the p — y curve
is in line with the
observations made in

element test in liquefied soils.

Rollins et al.
(2005)

Suggested p — y curves for liquefied soil from a series of
full scale pile tests. These are applicable for the soil up
to 6m deep with D, ~ 50% and y < 150mm.

Experimentally calibrated
model with very limited

applicability

Klar (2008)

An upper bound solution of elastic strain field due to
pile displacement was carried out. The solution uses
mobilised strength design (MSD) approach to relate

stress-strain curve with p — y curve.

Its usage is limited to deeper
depths of clayey soil. In
liquefiable soil the
applicability is not verified
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(b) Monotonic: An unidirectional interaction is achieved if the pile deflects mono-
tonically in liquefied soil, or if the liquefied soil flows past pile. Examples will

include buckling of pile and lateral spreading of ground.

The pile response during phase-1 and phase-3 are two extreme cases both of which should
be considered during the analysis. Phase-2 can sometimes become very important due to
its dynamic consideration. As the soil goes into liquefaction, the lateral stiffness reduces
and consequently the natural frequency of the structure drops. Hence, there is a possibility
of resonance if the natural frequency of the structure crosses the dominant frequency of the
earthquake, and the bending moment could amplify. However, the amount of amplification
would also depend on the change in damping of the soil. In this chapter, the emphasis
is given to monotonic pile-soil interaction in fully liquefied soil, as described above in

phase-3b.

5.3 Post liquefied monotonic stress-strain behaviour of

soils from element tests

5.3.1 Collation of already available test results

Various element test data available for liquefied soil’s monotonic stress-strain behaviour
are collated and tabulated in Table B.1, Appendix B. A typical post liquefaction stress-
strain behaviour of Toyoura sand at different relative densities can be referred in Figure
2.10. This collation also includes the present test results which are described in section
5.3.2. For consistent comparison across these test results, the following terms are defined.

Take-off shear strain (7,): Shear strain at which the shear strength of the lig-
uefied soil exceeds a very small amount of shear strength (about 1kPa) while subjected
to monotonic shearing without drainage.

Initial shear modulus (G;): Secant shear modulus in the initial stage of straining
when take-off strain is attained.

Critical state shear modulus (G3): Tangent shear modulus, a nearly constant

value, while the soil is continuously shearing following the Critical state line.
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Figure 5.1: Different stages of the stress-strain behaviour of liquefiable soils during earth-
quakes.

The major observations (general and specific) from the collated data can be sum-

marised as below.

1. The post liquefaction monotonic behaviour is always dilative but suppressed due to
the undrained condition and the stress path (¢ — p’) follows a straight line close to
the critical state line. The stress ratio remains constant regardless of its relative

density.
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2. The suppressed dilation in fully liquefied soil decreases the excess pore water pressure

and consequently increases the effective overburden pressure in it.

3. Very large shear strain is required to mobilise any resistance. After a certain shear
strain level, the shear modulus starts to increase and attains a constant value. With
further increase in shear strain level, the shear modulus remains constant (Vaid &

Thomas, 1995).

4. The post-liquefaction response represents continuously stiffening behaviour and an
approach to any residual strength was not observed, regardless of density or effective

stress conditions prior to cyclic loading (Vaid & Thomas, 1995).

5. During liquefaction, the small strain shear modulus of non-liquefied soil reduces to
a very low value of about 1/100 to 1/1000 times the original, and this degradation

is proportional to the excess pore water pressure developed (Yasuda et al., 1987).

6. Large strain critical state shear modulus of liquefied soil (G3) is significantly higher
as compared to its small strain shear modulus. This higher stiffness at large strain

can be attributed to suppressed dilation and re-locking of soil grains.

7. Gy becomes stiffer with increase in initial confining stress (p},;) at low relative
density, but, as the relative density increases, the effect of confining stress on Gs is

not so apparent.

8. G5 is in the same order of magnitude as that of the pre-liquefied soil’s large strain

shear modulus.
9. G5 increases with increase in relative density of the soil.

10. At a particular relative density, the compressional response is stiffer than the ex-

tensional response.

5.3.2 Present study on the effect of strain rate in liquefied soil

A collaborative study had been conducted at Yamaguchi University, Japan (Dash et al.,

2008) to understand the loading rate effect on post liquefied monotonic response of soil.
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The tests were carried out by Yamada and Hyodo on Toyoura sand in an un-drained
triaxial test setup. A brief introduction to the test setup and the test results are presented

below.

5.3.2.1 Test procedure

Figure 5.2a shows the test facility used for this study. Toyoura sand, having mean diameter
(Ds0) of 0.2mm and maximum and minimum void ratios of 0.977 (€4:) and 0.597 (€min),
respectively, was used in this study. The soil sample was prepared at nearly 50% relative
density (D,). A uniform confining stress (o3) of 50kPa was applied to the sample from all
directions (Figure 5.2b). During the test, o3 was kept constant. During all the tests except
Test-6, the sample was subjected to cyclic axial stress (o;) to cause it to liquefy. Once
the sample was fully liquefied, o, was applied monotonically as axial compression with
a predefined strain rate. The variation of deviatoric stress, ¢, with time is schematically
shown in Figure 5.2c. In Test-6, the initial cyclic loading was not included and it was
subjected only to monotonic compression. The schedule of tests are presented in Table 5.3.

Test-1 is repeated with same strain rate, to observe the repeatability of the tests.

Table 5.3: Schedule of tests for strain rate effect study.

| Test ID va (kN/m?) e D, (%) SR (% /min) |
Test-1(a) 14.35 0.805 49.8 0.1
Test-1(b) 14.32 0.808 48.8 0.1
Test-2 14.34 0.805 49.6 0.5
Test-3 14.27 0.814 47.0 1.0
Test-4 14.28 0.813 47.3 5.0
Test-5 14.31 0.809 48.5 10.0
*Test-6 14.35 0.804 50.0 0.1
* . Subjected only to monotonic compression without any prior cyclic
loading.
SR: Strain rate, v4: Dry unit weight of soil, e: Void ratio, D,: Relative density

5.3.2.2 Results and discussion

The stress-strain behaviour of the soil observed in Tests-1(a), 2, 3, 4 and 5 are plotted in
Figure 5.3. The figure shows the effective stress path and the shear stress-strain behaviour.

Note that the y axis of the stress path is 7, which is (o] —0%)/2, instead of the conventional
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Figure 5.2: (a) Triaxial cyclic shear test apparatus at Yamaguchi University, Japan. (b)
A schematic of the test specimen. (c) Loading sequence of the deviatoric stress with time.

notation ¢, which is (o7 — o%). This figure is plotted in such a way to be consistent for
q 1 3

the y-axis of the two plots.

All the test results have shown that the shear strain in the liquefied soil increased up
to = 5 - 10% producing very low or negligible shear stress, after which the stress increased
steadily. The tangent shear modulus of the liquefied soil (G3) at large strain remained
fairly constant and was not affected by different amount of strain rate. However, a small
variation in Gg can be seen between some tests (e.g., Test-1(a): SR=0.1% per minute
and Test-5: SR = 10% per minute), which may be explained by the variation in initial
relative density of the sample in the tests. These results were very promising in terms
of the shape of the stress-strain curve as compared with the other experimental studies

in liquefied sand (e.g., Yasuda et al., 1999, 1998). The results did not show a definite
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pattern in terms of rate of strain applied to the sample.
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Figure 5.3: Effect of strain rate on stress-strain behaviour of liquefied soil (a) 7 — p’ stress
path, (b) 7 versus vy curve, (¢) zoomed 7 — 7 curve, and (d) zoomed 7 — p’ path.

The behaviour of soil in Test-1(a) and 1(b), where the later test was a repetition of
the earlier one with same strain rate, is presented in Figure 5.4. Though, same critical
state shear modulus (G5) was observed in both the cases, the difference in take-off strain
(70) Was quite significant. The two tests did not show repeatability in terms of strain

rate effect on 74,.

A comparison has also been made between fully liquefied and non-liquefied Toyoura
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Figure 5.4: Stress-strain behaviour of Toyoura sand in Test-1(a) and Test-1(b).

sand subjected to large strain, as shown in Figure 5.5. The difference between initial

stiffness is pronounced. However, the large strain stiffnesses in the critical state for both

the tests are very similar. Similar observations were also made by Vaid & Thomas (1995)

from the experiments carried out on Fraser river sand, as shown in Figure 5.6. Their results

also showed that the large strain shear modulus is the same not only for fully liquefied

soil and non-liquefied soil, but also for partially liquefied soil. In the pre-liquefied stage,

large strain can be referred to as shear strain more than 1.0%, and the shear modulus at

low strain (Gq) can be referred to as when shear strain is less than 107°% (see Figure

5.5h).
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Figure 5.6: Pre and post liquefaction monotonic stress-strain behaviour of Fraser river
sand (Redrawn after Vaid & Thomas, 1995). Different effective overburden pressure (p')
represents the degree of liquefaction; e.g., 45kPa overburden pressure represents the state
of soil that has 89% liquefied.

5.4 Factors affecting post liquefied stress strain behaviour

Various factors that may affect the stress-strain behaviour of liquefied soil are investigated.
It is important to understand the effect of the parameters that affect the behaviour of a
complex problem to be able to propose a simplified model. The insight gathered is used
to understand the major active mechanism and the variables that have little impact in
the behaviour are eliminated from the simplified model. The factors are discussed here
keeping in mind the requirement of defining the four parameters (v, G1, Ga, Tmaz) for

the proposed simplified model, which will be discussed later in section 5.5.

5.4.1 Relative density (D,)

Most of the studies on post liquefied behaviour of sand suggested that ~;, decreases with
an increase in initial D, of soil. This is supported by the fact that at take-off strain
soil starts to become stiffer and offers considerable amount of strength which is due
to the re-locking of sand particles that were in suspension during liquefaction. Hence,
the correlation between D, and -, has been explored in section 5.5.1 and a suitable
relationship is proposed for further use.

(G1 and G5 are not directly related to their initial relative density and hence excluded
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from direct involvement in estimating these parameters, but, the initial D, value is used

indirectly to define G5 as detailed in section 5.5.3.

5.4.2 Initial overburden pressure (p,,.)

It is well understood that the lateral resistance (or shear strength) of sandy soil is linearly
proportional to the effective overburden pressure (p’), which increases with depth. This
is based on the fact that the sandy soil obtains strength from its confinement. Based
on this concept, API (2000) suggests a linear relation between the effective overburden
pressure and ultimate lateral soil resistance both in shallow and deep soils (see Equation
3.2 and 3.3 in section 3.2.3). However, when the soil is fully liquefied the p’ becomes zero.
Hence, with the above assumption, the soil will offer no resistance to shear unless the
overburden pressure is increased. However, the liquefied soil offers significant resistance
at large strain and this shearing at large strain is associated with decrease in pore water
pressure.

The full mobilization of strength happens at the lowest excess pore water pressure
(EPWP) possible, which is dependent on the permeability and hydraulic gradient of the
soil. Also, theoretically, the negative EPWP could reach the absolute minimum of 1bar
(100kPa), however, this is very unlikely to happen in real field conditions. Hence, pl,,; is
used directly to estimate the limiting shear resistance of liquefied soil (7,,4,) as will be
described later in section 5.5.4.

Also, the initial overburden pressure is normally used to define the stiffness of soil
at small strain, and also has influence on G5 at critical state. Hence p’ is used to estimate
G, as detailed in section 5.5.3.

Studies by Vaid & Thomas (1995) showed that the post liquefaction deformation in
sandy soil occurs at a linear stress path in ¢ — p’ plane (Figure 5.1) and is independent of
its initial overburden. Sitharam et al. (2009) conducted a similar study on the behaviour
of liquefied soil at three initial confining pressures at same relative density in a cyclic
triaxial test setup. Their study showed that the monotonic strength of liquefied sand is not
influenced by the initial confining pressure prior to liquefaction. Hence, the formulation

of 74, and G excludes the direct involvement of p’ in them.
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5.4.3 Strain rate

For post liquefied monotonic behaviour of sand, the tests as discussed in section 5.3.2.2
could not suggest any definite relationship between strain rate and the take off strain.
Kutter (1997) and Martin (1997) in the NSF workshop had also commented that the
effect of strain rate on residual strength of granular soils is less substantial for a practical
range of strain rate, however, it can be reasonable to expect the rate effect at very low or
very high strain rate. It is also difficult to estimate the expected strain rate for a pile-soil
interaction in liquefied soil during earthquakes. Hence, for this first level of simplified

stress-strain model, effect of strain rate has not been included.

5.4.4 Severity of liquefaction (F))

The severity of liquefaction, Fj, in laboratory terms can be defined as the relative mag-
nitude of stress/strain applied to produce initial liquefaction in the soil. F; is 1 if the
shear stress of 7; causes the soil to liquefy in 20 cycles (Yasuda et al., 1998). If either the
number of cycle (N,,) is not 20 or the applied shear stress (7,) is not 7, then F; can be

estimated by Equation 5.1 or Equation 5.2 (Yasuda et al., 1998).

Ny’
F = < 20y> , where b = -0.17 for clean sand (5.1)

R=2 (5.2)

Tp

Studies by Yasuda et al. (1999) showed that the severity of liquefaction has signifi-
cant influence on 74, and Go. Sitharam et al. (2009) also observed a similar effect in cyclic
triaxial test and in DEM analysis where a difference of 60% between lower and upper take-
off strain magnitude caused by a 2% variation in applied axial strain. In contrast to the
above observations, studies by Vaid & Thomas (1995) showed that the post liquefaction
response is essentially similar at each relative density regardless of the manner by which
the state of liquefaction (p’ = 0) is achieved. These observations suggest that further
studies are required to describe the effect of severity of liquefaction on the stress-strain
response of liquefied soil. Hence, for this simplified stress-strain model, the effect of the

severity of liquefaction has been excluded.
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5.4.5 Other factors

There are various other known factors that might have an influence on the stress-strain
behaviour of liquefied soil, such as: fines content in soil, grain size distribution, stress
path, pore pressure redistribution, consolidation stress, etc. However, these parameters
require more in-depth studies to be able to propose a clear relationship with the simplified

stress-strain parameters, and so are excluded in this first level of simplified model.

5.5 Proposed simplified monotonic stress-strain curve
for liquefied soil

With the current understanding of the behaviour of liquefied soil and its influencing
factors, a simplified model of monotonic stress strain curve is proposed that can be used
later in constructing a p — y curve. This model should ideally be simple and be a good
representation of the actual behaviour of the soil. Figure 5.7 schematically shows the
proposed model. The aim of this model is to provide the engineer/designer a firsthand
approximation of a reasonable stress strain curve for liquefied soil from very basic soil
properties, if the actual stress-strain curve is not readily available.

The proposed model can be defined with four parameters as listed below.
1. Take-off shear strain (74,)
2. Initial shear modulus (G)
3. Critical state shear modulus (G3)
4. Maximum shear stress (Tpaz)

The first three parameters can be obtained from element tests, but, the fourth parameter
(Tmaz) cannot generally be obtained from the tests. Element test results have shown that
in post-liquefied monotonic shear there is no tendency of necking or residual stress state,
and the shear stress goes on increasing with shear strain (Vaid & Thomas, 1995). This is
because of the constraint in the laboratory test setup with higher applied back pressure.

Hence, the magnitude of maximum negative pressure in a laboratory environment could
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go up to nearly 100kPa more than the applied back pressure. However, this normally does
not happen in a field condition, and a residual value may be attained at very large strain.
Hence, to have a complete model of stress-strain behaviour that is compatible with very
large strain as well, a limit to the maximum possible shear stress is imposed, depending

on field condition as detailed in section 5.5.4.

>

Theoretical maximum corresponding fo
lowest possible negative EPWP 1

Shear stress, t©

Maximum value based on
no negative EPWP

A
3
e}
X

Maximum value based on
residual strength of liquefied soil

>

Shear strain, y

Figure 5.7: Simplified stress-strain model for liquefied soil.

5.5.1 Take-off shear strain (7;,)

From all the collated test data (Table B.1, Appendix B) on different soils, 7, is plotted
with respect to their initial D, values as shown in Figure 5.8. The figure suggests that
the take-off shear strain in liquefied soil decreases with increase in D, even though the
values are scattered a bit. Two global trend lines were fitted to all the test data at upper

and lower bound values as given in Equations 5.3 and 5.4, where 74, and D, are in %.

A =131 —291n D, (5.3)
V% =47 - 11In D, (5.4)

A mean value relationship between 7y, and D, was proposed for further use as given
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in Equation 5.5.

Yo = 89 — 201n D, (5.5)

In the actual observed shear stress - shear strain behaviour (for example see Figure
2.10), the transition between G and Gy is quite smooth and in some cases this transition
zone mobilises up to 1-2% of shear strain. In contrast, the proposed simplified model
does not include this smooth transition. Hence, to include this transition zone shear
strain between G and Gy, the value of v;, has been increased by 25%. Hence the second

linear segment of the stress-strain model starts from 1.25v,,, with a shear modulus of Gs.

70
1 Proposed relationship ¢ Toyouasond
60 - %o = 89— 20 In(D,) B Fraser River Sand
;\? . A Masa Sand
= 50 - Fract
S ® raction E Sand
c Upper Bound
T 40 A i
£ Mean
8 4NN e T Lower Bound
c
w
ko]
20 -
%
e \
10 - 0‘,,,
...._.________._"__ ’J
0 10 20 30 40 50 60 70 80

Relative Density, D, (%)

Figure 5.8: D, versus 7, of liquefied soils.

5.5.2 Initial shear modulus (G))

In the collated data, 7, was defined corresponding to the shear stress value of 1kPa.
Hence, for the simplified model, GG; can be estimated based on 4, as given in Equation
5.6. Figure 5.9 shows G versus -y, for the collated data points and plots the Equation
5.6.

Gy = = (in kPa) (5.6)
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Figure 5.9: 1 versus -y, of collated element test data.

5.5.3 Critical state shear modulus (G3)

As described earlier, the G5 of liquefied soil exhibits a few typical characteristics such as:

1) Gy is nearly same for various degrees of liquefaction,

2) (5 is constant corresponding to the critical state of soil and does not depend on
the shear strain value, and

3) Gy is nearly same for pre-liquefied and post-liquefied soil.

In conventional practice, the shear modulus degradation curve is used to define
shear modulus G at large strain. G is treated as a decreasing function with shear strain
magnitude (), and is also dependent on mean effective confining pressure (p’). For
example, the formulation for sand (PI= 0) as per Ishibashi & Zhang (1993), can be

expressed as Equation 5.7, which is plotted in Figure 5.10.

G
Gmam

= K, x p'™, (5.7)

where, K, and m are soil constants which depend on the level of shear strain, .
The above expression (Equation 5.7 ) is supported by experimental data with max-

imum shear strain level of 1%. Equation 5.7 being a continuous function cannot estimate
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Figure 5.10: Shear modulus degradation curve for sand.

the critical state shear modulus Gs, which corresponds to large strain constant value.
Hence, the traditional degradation curve may not be suitable for estimating G5 for lique-

fied soil.

Looking for alternative correlations that may exist between G5 and any other soil
parameters, no expression was found in the literature. Neither is any theoretical concept
available to estimate it. It seems, however, G5 can be derived from theoretical critical
state soil mechanics (CSSM) concepts including the rate of dilation effect in the soil, but
this will involve rigorous mathematical derivation. Within the present scope of a first level
simplified model, CSSM concept to obtain G5 was not explored. Rather, experimental test
results were used to relate Gy with its G4, value. This is because G4, value is widely
studied in the literature and can be obtained easily for a particular soil at particular depth

and density. Some conventional expressions for G, are presented in Appendix C.

There are some element test results available in literature which contains both pre-
and post-liquefied soil behaviour. Here, the aim was to find out the relationship between
the post-liquefied shear modulus at the critical state (G3) and the pre-liquefied small
strain shear modulus (Gy,q,). However, it was practically impossible to obtain the G,,q,
values (at a very low strain) from the figures/plots, where the author had not defined or
presented it explicitly, and values can be subjected to individual interpretation. Hence,

the Gia, value was estimated from the available empirical expression (Equation C.2),
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but the G5 value was quite easy to read from the stress-strain plots of the element test
data. The data set as tabulated in Table B.1 was used to get the G5/Ga, ratio. Three
pre-cyclic monotonic test results by Thomas (1992) on Fraser River sand (D, = 40%, p!,,;
= 400kPa, 800kPa, 1200kPa) were also included in the data set with the consideration
that the Gy for post-liquefied soil is similar to the slope of stress strain curve at critical
state for pre-liquefied soil. The ratio of Go/G e, for different values of D, and pf,; values

from these tests are plotted in Figures 5.11 and 5.12.

0.070
& Toyoura Sand
0.060 -| MFraserRiver Sand
OFraserRiver Sand (Thomas, 1994)
0.050 - Masa Sand
Fraction E sand .
5 0.040 -
o .
N * [ |
O 0.030 - O < .
- *
0.020 - O L 2
*
0.010 + (]
’ D
m [ |
0.000 ‘ ‘ ‘ : ‘ ‘
0 10 20 30 40 50 60 70

Relative density, D, (kPa)

Figure 5.11: Relationship between Gs/G\pq, and D,

Although, it is not very clear from the figure about the dependency of the Go/G as
ratio on D, the ratio is probably showing a quadratically decreasing trend for an increase
in p}, ; value. It can be noted that the fitted trend line in the figure is highly dependent on
the data points of the Fraser River sand by Thomas (1994) and the regression coefficient is
0.3 for the trend line. There is a possibility of artefacts in the plotted relationship due to
the methods used to estimate G, and Go, where the former was obtained by empirical
expressions and the latter was directly read from element test data. There could also
be some other parameters which may have significant influence over this ratio, but, they
were not explored here due to lack of available experimental data.

As a first level of assumption, the ratio Gy/G\nqe Was considered to be inversely

proportional to the square root of pj,; (Equation 5.8).
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N

(5.8)

From the data set, the mean value of the proportionality factor for the above equa-
tion was found to be nearly 0.2. Hence the expression as given in Equation 5.9 was
proposed to obtain G value required for the simplified stress-strain model. However,

further detailed experimental investigation is necessary to validate this expression.

5.5.4 Maximum shear stress (Tuz)

The limiting value of maximum shear stress can be estimated in three ways, such as:
A - Thaz(1): Value corresponding to theoretically possible minimum EPWP (i.e.,
absolute vacuum condition).

B - Timaz(2): Value corresponding to minimum possible non negative PWP in post
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liquefaction shearing .

C - Tinaz(3): Residual strength of soil as obtained from back analysis of case histories
in past earthquakes.

A typical field condition is presented in Figure 5.13, where different p’ values corre-
sponding to different stages of liquefaction (A, B, C and D) are presented. These stress
state during A, B, C and D conditions are also shown in Figure 5.14 in ¢ — p’ plot. The
q — p’ relationship is linear on critical state line, where slope of the line is known as stress
ratio. This stress ratio is different in both compression (M,) and extension (M,), and can
be related to the critical angle of friction of the soil (¢.s) as shown in Figure 5.14. Typical
values of ¢.; can be referred to in Table 2.1. For a given value of p’, the corresponding
Tmaz Can be estimated as demonstrated in Figure 5.14. Generally the extensional strength
of soil is not reliable in the field and hence avoided from consideration. With this assump-
tion, only compressional shear stress value can be estimated using stress ratio M, and this

shear stress value can further be used to estimate lateral soil resistance (p).

5.5.4.1  Tpaz(1)

The theoretical maximum shear stress in compression can be written as Equation 5.10.

M. (p,; + 100 kPa)

Tinaa (1) = 5 (5.10)

5.5.4.2  Tias(2)

Imposing the condition of non-negative excess pore water pressure, the maximum shear
stress in compression can be written as Equation 5.11. This condition restricts the excess
pore water pressure from cavitation.

M._.p!

Tmaw(2) - 2”” (511)

5.5.4.3  Tinaa(3)

Several empirical relationships exist between the residual shear strength (s,) of liquefied
soil with standard penetration resistance (SPT value) derived by back calculations of

liquefaction case histories. The shear stress that can be mobilized by an element of soil
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py = Total lateral earth pressure

u = Hydrostatic PWP

Ugy = Excess PWP

p' = Effective overburden pressure

P = Initial Effective overburden pressure
¥; = Total density of soil

¥ = Density of water

Soil

During earthquake shaking, v, changes due fo pore water pressure
generation/dissipation and changes p’but p,remains constant.

A: Before liguefaction, p'= pj,. Ug =0
B: Full liquefaction, p'= 0, Ug, = O}y
C: Post liquefaction without -ve ug, (i.e., just before onset of cavitation) p’'= pj,; U, = 0

D: Post liquefaction at lowest possible v, p'= p},; +100 kPa, u,, = -100kPa

Figure 5.13: A typical field condition and the value of effective overburden pressure (p’)
at different stages of liquefaction.

when strained monotonically to very large strains is defined as the residual strength of
soil. A summary of discussions on residual strength of soil can be found in section 2.4.2.
Depending on the available soil parameter, s, can be estimated. The maximum shear
stress, hence, can be limited to the residual strength of that soil at liquefied state, as

given in Equation 5.12.

Tmaz(3) = Su (5.12)

5.5.4.4 What 7,,,, value to use?

The Tnaz(1) is a theoretical maximum possible value of shear stress, which corresponds
to the case of absolute vacuum. However, this situation is not expected in normal field

condition.
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Figure 5.14: Critical state concept of getting maximum shear stress in liquefied soil.

The Tmaz(3) is a back calculated value from the case histories of liquefied soil sub-
jected to flow failure, which does not include the dilative behaviour of soil and is likely
to underestimate the strength. However, this situation can well be assumed for soils at
shallow depth without impermeable top crust, which is the similar field conditions (slope

failures occurred during earthquakes) the residual strength formulations are based on.

On the other hand, at greater depths, where the dilative behaviour of soil is possible
due to nearly undrained boundary condition, the case of non negative excess pore water
pressure conditions in the field seem most appropriate to estimate the value of 7,4,. A
similar concept has also been used by Knappett & Madabhushi (2009) following a set of

centrifuge tests.

Based on the above discussion, it is reasonable to assume maximum shear stress
value of 7,4:(2) at deeper depth and 7,,4,(3) at shallow depth, however, defining the
condition of shallow or deeper soils could sometimes be difficult and will depend on the
boundary condition and the specification of pile. While constructing a p — y curve from
this stress-strain curve, it is required to define a particular value of 7,,,,. Hence, in this

situation the following guidelines can be used to define a single value of 7;,4..
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The failure pattern of the soil for a laterally loaded pile follows a wedge type failure
at shallow depth, whereas at deeper depth a flow around failure mechanism governs (Klar
& Randolph, 2008). Based on a similar concept, API guidelines (API, 2000) defines when
to use the shallow estimation and the deeper estimation for ultimate lateral resistance of
soil based on the angle of friction. Let us define the critical depth ratio which forms the
boundary between shallow and deeper depth as 5. The values of 3 for different relative
densities of sand is plotted in Figure 5.15 as suggested by the API guidelines. For a
particular soil, Figure 5.15 can then be used to obtain the value of 5. For example, for a
sandy soil with relative density 40%, 8 = 13.5. The value of 3 can then be compared to
the h/D ratio at the depth of consideration (h) for a pile diameter of D. Depending on
h/TD ratio, the maximum value of shear stress can then be interpolated between 7,,q,(2)

and Ty,4.(3) as described below, which can then directly be scaled to obtain ultimate

lateral soil resistance (p,) of the p — y curve.
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Figure 5.15: Value of critical depth ratio, 8 (formulated based on API guidelines).

Following the above discussion, the maximum shear stress for the simplified stress-
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strain curve can be written as Equations 5.13 and 5.14.

LM, h/D .. h/D _ ,
Tmaw = Su + (p““Z - su) /T, if /7 < 1 without impermeable top layer (5.13)
niMe .. h/D o
Tonaw = pm;  if /5 > 1 or with impermeable top layer (5.14)

When the 7,4, of soil is less than 1kPa, it can be considered to be at its liquid limit

and has no strength against shear deformation. For this soil, the lateral resistance of p—vy

curve can be taken as zero.

5.5.5 Examples of simplified stress-strain curve for liquefied soil

Three sand samples from three different sets of element tests are considered to construct

a simplified stress-strain curve and to compare it with the actual test results. The soil

data used for three examples are given in Table 5.4. Four parameters are required to

construct the stress-strain curve, v4,, G1, Go and T,,4,. The procedure of obtaining these

parameters is briefly presented below.

Step-1:

Step-2:

Step-4:

Step-5:

Step-6:

Input soil parameters are, D,, p;. . and ¢.s as given in Table 5.4.

The stress ratio for post-liquefied soil in triaxial compression (M. is estimated

using Equation 2.6.

For the given D, value, Ni_go is estimated using the correlations given in

appendix C.
“to 18 estimated using Equation 5.5.
(G is estimated using Equation 5.6.

G5 is estimated using Equation 5.9, where G, is estimated by Equation C.2

given in appendix C.

Tmaz(2) is estimated using Equations 5.11.
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Step-8: Tmaz(3) 18 estimated using Equation 5.12, where the residual shear strength,

Su, can be read from the Figure 2.18 for the N;_go value obtained in Step-3.

The estimated parameters for the simplified stress strain model for three soil samples are
presented in Table 5.4. These simplified stress-strain models are also plotted in Figure
5.16 along with their actual element test results. Two values of 7,4, are used to define
stress-strain behaviour at shallow depth and at deeper depth, which will be useful later

in estimating the p — y curve.

Table 5.4: Parameters for simplified stress-strain curve for fully liquefied soil.

Example -1 Example - 2 Example - 3
Given Input Data
Soil type Toyoura sand  Toyoura sand  Toyoura sand
Relative density, D, (%) 65.9 50 32.6
Initial effective overburden 49 98 49
pressure, p, . (kPa)
Critical state angle of friction, 32.6 32.6 32.6
Pes (°)
’ Estimated Data
M, 1.31 1.31 1.31
Ni_60 16.7 9.6 4.1
Yo (%) 5.23 10.75 19.3
G (kPa) 19.09 9.29 5.17
Gmaz (MPa) 83.8 99.6 54.4
Gy (MPa) 2.40 2.01 1.55
Tmaz(2) (kPa) 32.1 64.2 32.1
Tmaz(3) (kPa) 7.35 9.8 2.94

It was not expected to get an exact match between the proposed simplified and
experimental stress strain curve, however, the simplified stress-strain curves gave a rea-
sonably acceptable shape and a similar order of magnitude as the experimental results.
Most of the data used to arrive at this simplified stress strain curve were concentrated
around 45-60% relative densities, and hence a better match was expected in this range of

relative densities of the soil.
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Figure 5.16: Proposed simplified stress-strain curve compared with element test results,
(a) Example 1 (b) Example 2 and (¢) Example 3 as discussed in section 5.5.5.
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5.6 p —y curve construction from stress-strain curve

5.6.1 Background

The technique of constructing a p—y curve relies on the similarity between load-deformation
characteristics of the pile with the stress-strain behaviour of the interacting soil (section
1.3.2, chapter 1). From a dimensional analogy of pile-soil interaction with flow type strain
field, the strain distribution in soil due to pile deflection (y) is proportional to y/D, where
D is the diameter of pile. The same analogy is also followed by Osman & Bolton (2005),
Klar (2008) and Klar & Osman (2008) in evaluating the load-deformation solutions based
on mobilised strength design approach. Following this analogy, the strain field in the soil
is represented by a single value; the average engineering shear strain (7,,¢) over a definite
deformation zone. The 4., as given in Equation 5.15, acts as a link between the strain
of the 7 — = curve and the deflection of the p — y curve, and a scaling factor, M, equates

Yave With y/D as given in Equation 5.16.

[ ~ydvol
vol
VYave = (515)
dvol
J
Yave = ]\43% (516)

The 74pe for a field case can be correlated with the engineering shear strain () of
the element tests of the soil sample. In an element test, if the triaxial strain is represented
by axial strain (e,) and radial strain (¢,) and the test is undrained, « can be obtained by

Equation 5.17.

Y =€a— € =€, — (—0.5¢,) = 1.5¢, (5.17)

Once the displacement field is related to the strain field, p is calculated from the
stress in 7 — v curve of soil corresponding to 7., with a scaling factor, N, as given in

Equation 5.18.

p = NyTapeD (5.18)
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where, T, 1S the mobilised stress in the deformation zone as defined in Equation

5.19.

[ rdvol

Tave = v}l‘ dvol (519)

vol

The transformation of stress-strain to p — y with the scaling factor Ny and M; is

shown schematically in Figure 5.17.

7= 1/Ns (D/D]
Stress-strain curve p-y curve
T I P
v y
y=Ms (y/D) |

Figure 5.17: Schematic showing the scaling of the p — y curve from the stress strain curve
of the soil.

The scaling factor Ny is very similar to the lateral bearing capacity factor (N.)
used in pile design, where the ultimate lateral bearing capacity of the pile foundation is
estimated as: p, = N.s, D, where s, is the undrained shear strength of the soil. M, is also
used in a similar way to relate a particular level of axial strain (e50) at half the maximum
shear stress from the element test to define characteristic pile deflection (y.) as Meees0D,
which is later used to construct p — y curve in clay. It may be noted that the notation of
M., is used instead of M, as the later is used to define the critical stress ratio in triaxial
compression. In comparison with M., the derivation of M, (Equation 5.16) relates y
with the average engineering shear strain, 7, not the axial strain, e¢. Various available
values of N, and M, are given in Tables 5.5 and 5.6 respectively. These relationships for
N, and M., although justified in their own right, are not conclusive enough to be used
for liquefiable soils. This can be corroborated given the limitation of the experimental

techniques used to obtain them, and a strain softening type of material being considered
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where the large strain response is governed by strength. Liquefied soil, on the other hand,
is a strain hardening material with very low stiffness at smaller strain and higher stiffness
at larger strain, and the large strain behaviour is governed by stiffness. The main aim
behind the formulation of N, and M, values was to obtain single values of p, and vy,
which may not be suitable for scaling of a stress-strain curve throughout to a obtain
p —y curve. Another major limitation of the suggested values of N, and M, is that they
are not interrelated, whereas in real situation the strain field is related to the nonlinear
stress-strain response as well as loading stress history. Hence, N, and M, can be seen
only as scaling parameters, different than N, and M., and hence studied in detail in the
following section. The study was aimed to better understand the derivation of N, and

My, and how to implement them for liquefied soil.

Table 5.5: Suggested values of bearing capacity factor N..

Reference(s) N, Remarks

Matlock (1970)

3+&E+J5
3 at shallow depth
9 at deeper depth

Experimentally calibrated for
different depth (z)

J= 0.25 for Lake Austin clay
,0.5 for Sabine clay and Offshore

clays in gulf of Mexico

Reese et al. (1975)

24 T 12835

(Su)gue

Experimentally calibrated

Reese & Welch (1975)

2+ (0v>a1)c +05%

(“ave

Experimentally calibrated

Gazioglu & O’Neill (1984)

3+6<BD(§:31)>

Relative soil pile stiffness

considered

Randolph & Houlsby
(1984)

9.14 (Smooth pile)
11.94 (perfectly rough
pile)

10.5 (Suggested for

practical use)

An exact solution based on
plasticity theory for clayey soil

Kulhawy & Chen (1995)

9 (Driven pile)
12 (Drilled pile)

Suggested practical values

Einav & Randolph (2005)

18.566

A potential flow solution around
a pile

Klar (2008)

14.52 (Rough pile)
10.06 (Smooth pile)

Analytical study based on
mobilized strength design
approach with elastic strain
field around pile

Note: o,= Total overburden at depth z, s, = undrained shear strength at depth z,

(02) goedtd (Su),pe— Average value over depth z.

ave
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Table 5.6: Suggested relationship between pile deflection (y) and soil strain.

Reference(s)

Axial soil strain (¢,) to pile
deflection, y. = M .eD

Remarks

McClelland & Focht Jr
(1958)

y = 0.5¢,D

Experimentally calibrated

Matlock (1970)

Ys0 = 2.5€50D
(Soft clay)

Uses the relationship
derived by Skempton
(1951) for strip footing

Reese & Welch (1975)

Ys0 = €500
(Stiff clay without free water)

Skempton (1951) concept
modified with field test

values

Reese et al. (1975)

Ys0 = 2.5€50.D
(Stiff clay with free water)

Uses Skempton (1951)
relationship and verified
with field test data

Stevens & Audibert
(1979)

Yo = 8.9¢50V D

Calibrated with field test
data with varying

diameter

Gazioglu & O’Neill (1984)

0.125
Ye = 0.8650\/5 (Eg,ijp)

Considering the relative

soil pile stiffness

Dunnavant & O’Neill
(1989)

—0.875
Ye = 0.0063¢s0 D (%)

Considering the relative
soil pile stiffness

Klar (2008)

y= 557D

Analytical study on fully
plastic clay with an
elastic strain field around
pile

Note: y. = Characteristic deflection, y59 = Deflection at half ultimate resistance,

€,— Axial strain, eso= Axial strain at half maximum shear stress. v = Engineering

shear strain (1.5¢,in a triaxial tests)

5.6.2 Proposed construction technique for the p — y curve

The construction technique of a monotonic p — y curve based on stress-strain scaling

through Ny and M, can be summarised in four major steps, such as:

Step-1: Obtain undrained monotonic 7-v relationship for the soil.

The post liquefaction 7-v relationship can be obtained from element testing of soil

Step-2: Find pile displacements, y, using appropriate value of M; (see section 5.7)

with the shear strain values in the 7-v curve.

samples (for example: undrained cyclic triaxial test, or hollow cylinder test, etc). If the
element test data are not readily available, the proposed simplified model of monotonic

post liquefied stress-strain behaviour of soil as described section 5.5 can be chosen.

Step-3: Relate 7 to p using the appropriate value of Ny (see section 5.7).
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Step-4: From the p and y values corresponding to the 7-v values, construct a

smoothed p - y curve.

5.7 Choosing scaling factors, N, and M,

5.7.1 Virtual work approach

A virtual work approach was used to obtain the scaling factors, N, and M, and to study
their suitability for liquefiable soil. The soil-pile interaction at a particular depth was

represented by a plane strain 2D model as shown in Figure 5.18.

Rigid boundary

Pile

Sail
Figure 5.18: Consideration of soil-pile interaction at a particular depth in FE analysis.

Assuming the soil-pile system is initially in equilibrium, any incremental work done
by pile movement will be equal to the incremental stain energy in the system. The pile
was considered rigid with respect to the soil, so most of the strain energy was carried by
the soil. The liquefied soil was considered to be fully undrained (i.e., Poisson’s ratio =
0.5) and the plane strain condition was assumed. The following conditions were required

to be satisfied in the system:

1. Pile deflection has to be compatible with the strain distribution in the soil.
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2. The stresses in the soil have to be in equilibrium with the total reaction force on

pile.

Considering Tresca yield criterion, the incremental work done due to the displacement of
inner disk in terms of maximum shear stress and shear strain can be written as Equation

5.20.

W — / (| T || e ol (5.20)

vol

where, the values of 7,4, and 07,4 can be defined as Equations 5.21 and 5.22
respectively. Please note that the incremental work done (dWW') was computed for a unit

slice thickness and hence has the unit of force.

Tmaz :| (01 - 03) | /2 (521)

0Vmaz =| (061 — des) | (5.22)

The equation for external and internal work done in the system can then be written

as:

poy = oW (5.23)

where, p is the total reaction force over the boundary of the inner disk due to the
incremental inner disk displacement of dy.

Combining Equations 5.23 and 5.18, Ny can then be written as:

N W
5yTaveD

(5.24)
In Equation 5.24, 7,,. represents the average mobilised maximum shear stress rep-
resentative of the stress field around pile.
The value of Ny depends on the extent of the fixed boundary chosen in the analysis.

Displacements and stresses around a rigid disc have already been established by Baguelin

et al. 1977. Unfortunately, displacements in both analytical and numerical analyses are
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model size dependent. As can be seen later in the analysis (see Figure 5.27), the dis-
placement to mobilise same lateral resistance increases with increasing soil boundary. For
soil boundary tending to infinity the mobilised displacement will also tend to infinity.
Consequently, there will be infinite values for Ny and M, as they rely upon the mobilised
displacements and lateral resistance developed in soil. Hence, to obtain rational values for
N, and M s, it necessary to find a reasonable boundary distance which allows to determine
unique values for these coefficients. Hence, using upper bound theorem, 7., is sought in
the considered soil domain that minimizes the N, value for a known displacement of y.
The boundary at which the lowest value of Ny occurs can be considered as the effective
deformation zone and the average shear strain mobilised (7,4¢) in the deforming soil due
to pile deflection (y) can be from the FE analysis as given in Equation 5.16. Following

the dimensional reasoning, My can then be obtained from v, as given in Equation 5.25.

7(1’08
(y/D)

The virtual work method as described here is similar to the mobilised strength design

M, = (5.25)

(MSD) method used by Osman & Bolton (2005) to predict load settlement behaviour of
shallow circular footing from stress-strain properties of a characteristic soil sample. The
MSD method was further adopted by Klar (2008) to represent a pile-soil interaction
problem analytically. In both the approaches, the first step is to choose a boundary for
continuous displacement field, over which the deformation mechanism can be applied.
Often, several boundary types and sizes need to be tested to obtain the lowest value of
N;. In a situation like pile vibration in liquefiable soil, it could be difficult to find the
right mechanism and boundary. Hence, to study this problem, a finite element model
with variable boundary sizes was prepared using COMSOL Multiphysics® (COMSOL,
2009) as discussed below.

5.7.2 Numerical analysis

A 2D pile-soil interaction was modelled in a plane strain environment in COMSOL. Mesh
optimization and some initial parametric studies were performed to finalise the analysis

procedure. A non-slip boundary was considered for the pile-soil interface, which corre-
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sponds to a rough interface. Hence, the need of pipe material model was avoided and
the inner boundary of the soil was considered as the pile surface. The pile displacement
(y) was applied to the inner boundary of the soil. The exterior soil boundary was fixed.
A triangular mesh was adopted (Figure 5.19) with Lagrange-quadratic elements. Three
types of material models were used in the study:

a) Perfectly plastic material over an elastic strain field

b) Elastic material

c¢) Hyper-elastic material (like liquefied soil)

/ Fixed boundary

Boundary with prescribed
displacement, y

Figure 5.19: Pile-soil interaction mesh in FE model.

5.7.2.1 Perfectly plastic material over an elastic strain field

Generally the maximum resistance of clay is estimated using the perfectly plastic material
theory. The analysis uses an elastic strain field around the pile and a perfectly plastic
material with mobilizing shear strength of s,. This analysis was carried out here in
COMSOL to verify the FE model with available analytical solution by Klar (2008). The
material properties assigned to the model were: Elastic Young’s modulus (Es) = 30MPa

and Poisson’s ratio = 0.499. A parametric solver was used in a plane strain static analysis
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environment. The solution for N, was estimated from the FE model results for the radius
of soil (Rs) varying from 2 to 6 times that of the pile radius (R,). An upper bound
elastic solution was sought where N, was evaluated for different soil boundaries and the

boundary at which lowest Ny value was considered as the effective zone of influence.

The equation of virtual work (Equation 5.20) for a purely plastic material with an
elastic strain field can be written as Equation 5.26, where the material has reached its

plastic shear strength everywhere.

oW = su/évmwdvol (5.26)

vol

Combining Equations 5.24 and 5.26 for 7,,. = s, INs can be calculated as given in

Equation 5.27.

[ 0Ymazdvol

N, =2 5.27
55D (5.27)

Figure 5.20 plots the N, value obtained from present FE model and compares that
with Klar’s (2008) analytical solution. Please note that the Klar’s (2008) solution values
are individual data points as read from the plot. As can be seen in the figure, both values
are in close agreement. The lowest Ny value obtained was 14.525, which occurred at a
soil boundary of 2.85R,,. The mechanism of displacement and shear stress distribution at
Ry = 2.85R,, is shown in Figure 5.21 along with the Klar (2008) model. As expected, the

pattern of the displacement field is same in both the models.

Once the solution for minimum N, was obtained, v,,. was estimated as a repre-
sentative strain due to pile displacement for the soil boundary of 2.85R,. M, was then
estimated to be 2.6 (i.e., Yae = 2.6 (y/D)) by using Equation 5.25, which is the same as
obtained by Klar (2008). This verifies the concept of M, Ny and validates the present

FE model with the available analytical solution.
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Figure 5.20: Solution of N, for fully plastic soil as a function of soil boundary, comparison
of present model and model by Klar (2008).
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Figure 5.21: Comparison of deformation mechanism of this FE study and Klar (2008)
analytical model.

5.7.2.2 Elastic material

The above numerical model was re-analysed with an elastic soil. The same material
properties as assigned to the above model were also used in this model, where elastic

Young’s modulus (Fs) = 30MPa and Poisson’s ratio = 0.499.

Figure 5.22 plots the N, values with respect to soil boundary. The N, was lowest
at the soil boundary of 2.85R, with a value of 18.16, where 7,,. is the value as defined

in Equation 5.19. In addition to the FE results, solutions by Einav & Randolph (2005)
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and Randolph & Houlsby (1984) and Klar (2008) are also presented in Figure 5.22 for
comparison. Please note that the present solution was for elastic soil, where as the so-
lutions by Randolph & Houlsby (1984) and Klar (2008) were for perfectly plastic soil.
On the other hand, the Einav & Randolph (2005) solution used an upper bound solution
using the method of strain path in the flow field derived from classical fluid mechanics
theories with strain softening behaviour of an incompressible material. The N, value in
the present FE solution was close to the potential flow solution by Einav & Randolph
(2005) (Ng= 18.566 ) but higher than the exact solution by Randolph & Houlsby (1984)
(Ns= 11.94). The value of M, corresponding to 2.85R, soil boundary was found to be
2.6, same as the solution obtained by Klar (2008). However this value is 6.5 times higher
than the value suggested by Matlock (1970) for soft clay based on the experimental values
on strip footing as obtained by Skempton (1951). The elastic strain field for Ry = 2.85R,,
is shown in Figure 5.23, where the colour contours show the absolute engineering shear
strain values and the arrows indicate the displacement vectors. As expected, the maxi-
mum shear strain was occurring at the pile soil boundary orthogonal to the direction of

displacement loading.

30 — 14
——*— FE model for elastic soil
—%— FE Model for different soil boundary
= - = Randolph and Houlsby (1984), for rough pile- 12
26 | soilinterface ===a=== FEmodel af lowest Ns
------ Einav and Randolph (2005) solution — % — Matlock (1970) solution
—o6— Klar(2008) elastic strain field for fully plastic soil ] O 1 Kiar (2008) elastic strain field solufion
22 | 5 |
5 Ny
18 - 61
4 -
14 4 o g o g e o g e g g e o g e e e e e
2 i
10 T T T T T 0 T T T T T
0 1 2 3 4 5 6 0 1 2 3 4 5 6
Nomalised rigid boundary distance, 7 /1, Normnalised rigid boundary distance, 7 /R,

Figure 5.22: Scaling factors N, and M; for linear elastic soil with respect to the extent of
outer rigid boundary of soil.

The FE model also gives the p — y curve for the domain considered, where p can be

obtained integrating the resistance over the inner boundary for different levels of y. The
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Young's modulus (E) of the material = 30 MPa
Poisson's ratio of the material = 0.499

Applied displacement at inner ring = 0.01m
Boundary at outer ring: Fixed

Maximum Engineering
Shear Strain (g,-g,)

Figure 5.23: Elastic strain field distribution due to displacement of inner cylinder.

p — y curve obtained from FE model for Ry = 2.85R, was compared with the p —y curve
estimated using scaling factors for the elastic soil under consideration. The stress strain
curve was scaled to the p — y curve with Ny and M values of 18.16 and 2.6 respectively.
With linear elastic material, the p — y curve was also expected to be linear elastic. Figure
5.24 plots the results of this comparison, where both the methods yield same answer. It
validates the p — y curve construction procedure from stress strain behaviour for a linear

elastic soil.

5.7.2.3 Hyperelastic material (Solution for M and N, values for liquefied soil)

The above numerical model was re-analysed with its material model modified to represent
the liquefied soil. Considering the fact that the liquefied soil behaves like an incompressible
fluid, the same principle of obtaining M and Ny values as studied in section 5.7.2.1 was
regarded applicable also to the liquefied soil. The simplified monotonic stress-strain curves
of liquefied soil, which show a hyperelastic behaviour, were used. A parametric solver was
used in a plane strain static analysis environment. To include the material nonlinearity, an
equivalent linear elastic model was implemented in COMSOL, where the elastic modulus
was assigned as a strain dependent parameter. As discussed in section 5.5, the ratio

of Gy/Gy for liquefied soils vary with different initial relative densities. For the listed
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Figure 5.24: Comparison of estimated p — y curve and p — y curve from FE model for a
linear elastic soil.

liquefied soil’s monotonic behaviour in Table B.1, the G5 /Gy ratio vary between 9 to 335.
Hence, six stress-strain models were chosen for this analysis, where 7., Tae and G were
fixed but the ratio of Gy/G; was varying from 10 to 500 (G2/G1 = 10, 25, 50, 100, 200 and
500). Figure 5.25 shows the six nonlinear material model used in COMSOL. The values
of the fixed parameters in the model were as follows: 1.257,, = 0.075, 73,4 = 50kPa and
G1=1.25/0.075 = 16.7kPa.

For all the models, material nonlinearity of the soil was defined as a backbone curve
of Young’s modulus (Fs) with respect to engineering shear strain (7). This backbone

curve was obtained from the 7 — ~ curve using a Poisson’s ratio of 0.5 and Fy = 3G. In
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Figure 5.25: Simplified model of liquefied soil used as input to the FE model in COMSOL.

each step of the analysis, the maximum engineering shear strain was estimated according
to Equation 5.28 and the material secant Young’s modulus was then modified accordingly

as per the pre-defined Es; — « curve.

v = \/(Ex —¢y)? +4e2, (5.28)

Figure 5.26 compares the stress-strain path in a soil element near to pile surface

followed by the FE model, where G5/G; = 100, with the backbone stress-strain curve
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assigned to the model in the form of v — F relationship. The figure shows that the stress-
strain path in the soil during the FE analysis exactly followed the same stress-strain

behaviour as assigned.

60000
— 50000 - T - ]
(©
a
=< 40000 -
[
«»n 30000
]
£ 20000 - —— Backbone stress-strain input
® 10000 - —e— Stress-Strain performance
&
0
0

0.2 0.4 0.6 0.8 1 1.2

Shear Strain, ¥

Figure 5.26: Stress strain performance of the FE model in COMSOL, and its comparison
with the assigned backbone stress-stress curve.

The analyses were performed for a range of boundary sizes. The p — y curve and
corresponding Ny and Mj values for the liquefiable soil model of G5 /G = 100, as obtained
from the analysis for various boundaries, are plotted in Figure 5.27. The analysis did not
converge over the full load path for each soil element, and hence the upper plateau is
not apparent in the results. When the stress condition in most of the soil elements
was approaching the 7,,,, value (see Figure 5.25), the analysis was getting unstable. In
practice, however, 7,,.. is a hypothetical value assigned to limit the stress-strain behaviour
of the soil (section 5.5). Hence, the convergence at this level does not significantly affect
the results, as the zone of particular interest is the transition between G to Gj. In the
analysis, when the external fixed boundary was extended it took more pile displacement
to mobilise the second shear modulus Go of the soil. The p — y curves derived in this
way were highly dependent on the extent of the chosen boundary, and consequently the
scaling factors, Ny, and M, were also affected. Following the analogy of average shear
strain representing the deformation field in soil, the p — y curve, N, and M, values were

also plotted with respect to the average shear strain, as shown in Figure 5.28. As can
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be seen in the figure, p — y curves for all the boundaries with respect to average shear
strain values roughly stack together for all the boundaries. This shows that the average
shear strain could probably be adequately used to represent the deformation state of the
soil. The strain field for different levels of average shear strain is presented in Figure 5.29.
As expected, with progressive displacement, the maximum engineering shear strain front
progresses orthogonal to the displacement loading. Ny and M values were then studied
with respect to average shear strain and plotted for different boundaries for the elastic

soil model and for all six liquefiable soil models in Figures 5.30 and 5.31.
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Figure 5.27: (a) p — y curves for the liquefiable soil model of G3/G7 = 100 as obtained
from numerical analysis by COMSOL for different soil boundary distances (Rs), and
corresponding (b) Ny and (b) M, values.
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Figure 5.28: (a) p — y curves for the liquefiable soil model of G5/G; = 100 as obtained
from numerical analysis by COMSOL for different soil boundary distances (R;) plotted
against the average shear strain in the soil, and corresponding (b) N, and (b) M values.

Considering the upper bound theorem, the boundaries corresponding to minimum
N, values were considered as the effective zone of influence and the corresponding values
of Ny and M, were chosen as the scaling factors. As can be seen in the Figures 5.30 and
5.31, the effective zone is nonlinear and it increases with increase in nonlinearity in the
system. When v,,. was about 0.019 (i.e., about ith of the take off shear strain, 0.075), the
nonlinearity in the system was noticeable. To note, although the average shear strain was

still in initial elastic phase, some of the soil elements have already yielded and strained
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Figure 5.29: Strain field (engineering shear strain, 7) at different average engineering
shear strain (yu.) levels for the liquefied soil model G5/Gy = 100 at Ry = 2.85R,,.

beyond 0.075 (7.5%) shear strain. In the very initial phase of straining, the soil boundary
of 2.85R, was acting as the effective zone, where most of the soil elements were linear

elastic and strained below 0.075 shear strain. However, when 4, exceeded 0.019 shear
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Figure 5.30: Scaling factors Ny and M; for (a) elastic soil, G3/G; = 1, (b) liquefied soil
with G5/G1 = 10, (c) liquefied soil with G3/G; = 25 and (d) liquefied soil with G5/Gq =
50.
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Figure 5.31: Scaling factors Ny and M, for (a) liquefied soil with G5/G; = 100, (b)
liquefied soil with G5/G1 = 200 and (c) liquefied soil with Go/Gy = 500.

strain, the boundary of the effective zone of the soil corresponding to the minimum N;
shifted to a higher value. When 74 reached 0.075 (1.25v4,), it can be considered that
most of the soil elements have already yielded. As the effective zone and correspondingly
the scaling factor M, were changing during the nonlinear phase of the analysis. Hence,
to obtain a single value of M, the state of the soil was considered to be at y4,e= 0.075.
Figure 5.32a shows the variation of the effective soil zone (as a ratio of g—;) for different

G5/ Gy ratios considered in the model. The figure shows a logarithmic increment of the
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effective zone with respect to the Go/G ratio. For Gy/G; = 1, i.e., elastic soil, the
effective zone of soil was at 2.85R,, however, for liquefied soil with higher G5/G; ratio
(i.e., stiffer Gy) the effective zone of soil was getting higher. For G5/Gy = 50, the effective

zone of soil was at 3.25R,, which increased to 3.45R, for Go/G; = 200. Corresponding

D)
M values for the effective zone of soil is plotted in Figure 5.32c. The figure shows that
M = 2.6 for elastic soil, which decreased to 2.1 for G3/G; = 50 and 1.71 for Gy/G; =
500. The range of G5/Gy for liquefied soil as collated in Table B.1 is 9 to 335, for which

the interpolated values of M, were 2.32 and 1.87 respectively.

The values of N; for the effective soil zones were also changing for different Gy/G4
ratios and different stress state as can be seen in Figures 5.30, 5.31 and 5.30b. For example,
in the liquefied soil model of G5/G; = 100, Ny was 18.16 for the initial elastic straining
till Y4pe = 0.019, which increased to 22 when 7,,. = 0.066, but then decreased to 21.2
when 74, = 0.075 and then after continued decreasing with further increase in strain.
It can be argued that the value of Ny obtained from this FE upper-bound solution may
not be the best solution to use because of the assumed symmetric boundary. The best
known solution for bearing capacity factor, N., to date is 9.2 for smooth piles (e.g., steel
piles) and 11.94 for rough piles (i.e., concrete piles) as suggested by Martin & Randolph
(2006). Comparing the present FE solution with Martin and Randolph’s (2006) closed
form solution for rough pile soil interface, the FE solution overestimates the value of NV

by 52% for the elastic zone and 78% when 74, = 0.075.

Proposed N, and M, values for liquefied soils

For design consideration, the lower values of Ny and My can be considered as conservative
as they give lesser strength and lesser stiffness to the p — y curve, respectively. Hence,
not to overestimate the strength of the soil, the the bearing capacity factor as suggested
by Martin & Randolph (2006) can be used as the scaling factor N, for design purpose,
which is 9.2 for smooth pile-soil interface and 11.94 for rough pile-soil interface. The
values of M obtained from the FE analysis for liquefied soils, on the other hand, were

lower compared to the solution by Klar (2008) (M = 2.6) for a perfectly plastic soil. The
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Figure 5.32: (a) Effective zone of soil corresponding to the lowest N, values for different
liquefied soil models when 4= 0.075. (b) Ny values corresponding to the effective zone
of soil for lowest Ny (¢) M, values corresponding to the effective zone of soil for lowest

use of M= 2.6 for liquefied soil could be unconservative as compared to the FE results.
Although, M, was found to be nonlinear from the FE analysis, for practical applications

and to keep the transformation of stress-strain to p—y curve linear, a single lowest value of



Mg, i.e., 1.87, was proposed for fully liquefied soil, corresponding to the highest recorded
G5/G1(335) value (i.e., 2.6 —0.1251n(335) = 1.87), when 74pe = 1.25794,. The value of M;
was also found to increase when the soil was strained beyond yielding and approached the
ultimate strength (7,,q.). However, the proposed value of M was kept same as 1.87 for
the whole range of 74, to be in conservative side. Hence, for a fully liquefied soil with its
monotonic stress-strain curve parameters v,,, G1, G and T4, the parameters vy, p1, Yu
and p, required for the p — y curve construction can be calculated as follows:

p1= Initial lateral resistance corresponding to take off strain =N;1.25v,,G1D

y; — Initial lateral displacement corresponding to take off strain = %}:"—D

pu= The ultimate lateral resistance = NyTpp0. D

y»— The ultimate lateral displacement = (1.25%0 + %;125”)) %

where,

Ng= Scaling factor for stress = 9.2 for smooth pile-soil interface and 11.94 for rough
pile-soil interface

M= Scaling factor for strain = 1.87 for fully liquefied soil

D = Diameter of the pipe

As can be seen from the FE results in Figures 5.27 and 5.28, although the assigned
stress-strain curve was having three linear segments, the development of lateral resistance
with pile displacement (i.e., p—y curve) was gradual. The linear scaling factors N and Mj,
however, will give a tri-linear p — y curve corresponding to the assumed tri-linear stress-
strain curve (see the linearly scaled p — y curve in Figure 5.33b). Hence, to accommodate
the gradual development of the lateral resistance in the p — y curves, Equation 5.29 was
proposed using the parameters y1, p1, ¥y, and p,. To note, Equation 5.29 gives positive
values of p for positive increments of y with positive values of vy, p1, v, and p,. For

negative increments of y, p should be estimated by using negative vy, p1, ., and p,.

D1 PutDi | Pu—D1 2m < yu+y1>}
=w—y+ Al —w + tanh — = 7 5.29
P ?le ( ) 2 2 3(yu — 1) y 2 ( )

where,
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w = A weight function = % [1 — tanh (Z—: (y — 41/1%))}

A = A constant = 0 for y = 0 and 1 for y # 0

The above equation (Equation 5.29) was formulated to maintain the following bound-

ary conditions:
1. At y =0, p = 0.

2. Initial slope of p — y curve (%) is maintained till the displacement of %-.

3. After %, the slope gradually increases and when the displacement is y; + #25%, the

resistance is p; + BBt

4. The p — y curve is same as the linearly scaled p — y curve for middle 17 of the

displacement between y; and y,, i.e., from y; + 225 till 4y + M

wl

5. At large displacement, full lateral resistance (p,,) is mobilised.

The linearly scaled model from a stress-strain curve was compared with the smooth pro-
posed p—1y curve as shown in Figure 5.33 for a typical liquefied soil model. As can be seen
in the figure, the smooth p — y curve model avoids the sharp changes in stiffness, which
is an undesirable feature in the linearly scaled model as compared to the FE results. The
proposed smoothed p — y curve was then compared with the actual p — y curve obtained
from the FE analysis for three liquefied soil models as shown in Figure 5.34. The figure
shows that the proposed p — y curves are in close agreement with the observed p — y

curves and can be considered as conservative, simple to estimate and easy to implement

in a BNWF model.

The values of Ny and M, thus provided the ability to scale a triaxial shear stress -
shear strain curve to obtain the load-deformation (p — y) curve which can then be used
in a BNWF model to represent lateral pile soil interaction. However, the following few
arguments must be made:

1) For nonlinear material, the scaling factors were nonlinear and were also varying

with different G5/G1 ratios.
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Figure 5.33: (a) A simplified stress-strain curve for liquefied soil, (b) and the corresponding
p — Yy curves.

2) The use of N values as obtained from the FE analysis would overestimate the
strength and hence for a conservative design purpose the available best solution for bearing
capacity factor was suggested.

3) The FE analysis was carried out only for rough pile-soil interface. For smooth
pile-soil interface, the value of My may be different and further study is necessary to
obtain an appropriate Mj.

4) The above study was based on plane strain idealisation of pile-soil interaction at
deeper depth with flow type failure. However, at shallow depths a wedge type failure may

govern and may affect the scaling factors.

5) This study was concentrated for fully liquefied soil only. For partially liquefied

soil, it is questionable whether the use of linear scaling factors is appropriate or not.

It is clear from the above remarks that significant research is still necessary in this

area and more field cases are needed to validate the proposed model.

5.8 Comparison of proposed p — y curve with two ex-
perimentally observed p—vy curves for fully liquefied

solls

The p — y curve construction procedure, as proposed above, was used to construct two

p — y curves for fully liquefiable soils and compared with available experimental p — y
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Figure 5.34: The p — y curves as obtained from FE analysis and their comparison with
the proposed p — y curves.

curves. The procedure was involving two major steps, (a) preparing a simplified 7 — v
model for the soil at the depth of consideration (Steps 1 to 7 as given below), (b) and

scaling of the 7 —+ curve to a p — y curve (Steps 8 and 9 as given below). The procedure
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followed in these examples is described as follows.

5.8.0.4 Example -1

The p — y curve as observed by Rollins et al. (2005) from a full scale experimental test in

liquefied soil was considered as an example. For the same site condition, the p — y curve

has been obtained using the proposed model and compared with the experimental p — y

curve. The test was conducted in a blast induced liquefied subsoil. Details of the test can

be found in Rollins et al. (2005) and some specific results can be seen in section 2.8.3.2.

The soil was at a relative density of 50% with an effective unit weight of 6kN/m?. The

test pile was 0.324m in diameter and made of steel. The depth of consideration for the

p — y curve was 4.57m and the water table was present at the ground level.

Input: soil parameters: Relative density, D, = 50%, Critical state angle of friction,
bes = 32°(assumed)
Site parameters: Depth of consideration, h = 4.57m, Initial effective overbur-
den pressure, p},; = 6x4.57 = 27.4kPa
Input pile parameters: Pile type = Steel (smooth pile-soil interface), Outer
diameter of pile, D = 0.324m

Calculations:

Step-1: The stress ratio for post-liquefied soil in triaxial compression (M,) was esti-

. . __ 6sin32° __

mated using Equation 2.6, M. = =75 = 1.29

Step-2: For D,=50%, Ni_g=10.5, from the correlations given in appendix C.

Step-3: Residual strength of soil, s, =0.1p},;, = 2.74kPa, from Figure 2.18 for the
Nl—GO - 105

Step-4: For D, = 50%, the critical depth ratio 8 = 16, from Figure 5.15.

Step-5: Actual to critical depth ratio = ”/TD = 4‘25{%24 = 0.88

Step-6: For D, = 50% and p},; =27.4kPa, G4 = 52.7TMPa, estimated by Equation

C.2 as given in appendix C.
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Step-7: For the simplified post liquefaction stress strain model of the soil (see Figure
5.7), four parameters, Gy, Ga, Y and Tpe, were estimated according to the

section 5.5.5, such as:

Yo = 89 — 201n(D,) = 89 — 201n(50) = 10.76%

G, =-Lt=—1_ —929kPa

Yo 0.1076

_ Gumaz _ 52700 _
Gy = Guar =510 — 9013kPa

Tmaz = Su + (’% — su) MD — 2744 (245129 _ 9.74) x 0.88 = 15.88kPa,

aSh/TD<1

Step-8: For steel pile, a smooth pile-soil interface was assumed and the scaling factors
N, and M, were chosen as 9.2 and 1.87 respectively. The parameters required

for the p — y curve construction were estimated as follows:

P1=N;s1.257,G1D = 9.2 x 1.25 x 0.1076 x 9.29 x 0.324 = 3.7kPa

_ 1.25v,D __ 1.25x0.1076x0.324 __ _
=" = Te7 = 0.0233m - 23.3mm

Pu=NsTimaz D = 9.2 x 15.88 x 0.324 = 47.33kPa

Y= (12571, + Tmee=(Gul2one ) :(1.25 x 0.1076 + 15~88—<9~2*;;11§5X°~1076>) 0324 _

0.0246m = 24.6mm

Step-9: The p — y curve was then estimated using Equation 5.29.

The p—y curve estimated, as above, for fully liquefied soil was compared with the observed
p —y curve at the site at 4.57m depth (Rollins et al., 2005) as shown in Figure 5.35. Two
other p—y curves for liquefied soil, one that was proposed by Rollins et al. (2005) from all
their tests and one that is based on 10% strength of the API p—y curve are also plotted in
the figure. The proposed p —y curve matches fairly well in the initial part of the observed
p — y curve, but, it over-predicts the strength and stiffness at higher displacement. In
theory, there should be mobilisation of strength in the soil at large displacement, however,
the same was not observed in the field tests. This difference in the strength of the p — y
curve could be due to the difference in the type of soil actually present in the site and

the assumed simplified stress-strain curve for estimating the p — y curve. To note, the
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simplified stress-strain curve uses available element test data of clean sand, which could
be different from the naturally occurring soil at site. In the proposed p — y curve, the
second stiffer part represents suppressed dilation of the soil in front of pile, which might
not have happened in the field test due to pore pressure dissipation in axial direction
along the pile. More field tests with different site conditions are certainly required to

validate the proposed p — y curve model.

50

Proposed p-y curve

~~

40

30 - Proposed curve by Rollins ef o/, (2005)

o 10% of API p-y curve

Lateral soil resistance, p (kN/m)

20 A
w4/ aom=mTTTTT
—————— — Experimentally observed
0 - (Rollins e:fa/., 2005)
0 0.01 0.02 0.03 0.04 0.05

Pile-sail displacement, y(m)

Figure 5.35: Proposed p — y curve compared with full scale experimental test results of
Rollins et al. (2005).

5.8.0.5 Example-2

The centrifuge test models as described in chapter 3, where p — y curves were back
calculated from the pile strain measurements, were taken as another example to compare
the proposed p — y curve model. Soil condition for three representative centrifuge tests in
prototype scale (see chapter 3, tests CT5-A, CT7-A and CT8-A) were considered. The
soil was at a relative density of 50% and fully liquefied during the test. A single cycle
of the back-calculated p — y curves at the middle of the liquefied soil (i.e., at a depth of
4.05m) was chosen in this example. A similar procedure as described for example-1 was
repeated here to construct the proposed p — y curve.

The proposed p — y curve was compared with the p — y curves obtained from the
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centrifuge tests at full liquefaction as shown in Figure 5.36. In the initial part of the p —y
curve, the proposed model provides a qualitative match with the pattern and magnitude
of p—y curve. The proposed curve is close to the lower bound values of the observed p—y
curves, however, the 10% API p — y curve gives very high initial stiffness. A high initial
stiffness may be very unconservative in terms of dynamic and buckling response of the pile.
The proposed model, although not exactly predicting the p — y curve and the mobilising
plateau is not observed in the experiments, does retain the shape and characteristics of
the stress-strain behaviour of liquefied soil and represents it within a practical limit of
acceptance. The discrepancy between proposed and observed p —y curves could partly be
attributed to two major causes, a) the assumed simplified stress-strain behaviour of the
soil for proposed p — y curve construction and b) the limitations of p — y curve estimation
from centrifuge tests. More experimental studies are necessary to validate the proposed

p — y curve and its wide usability.

50
40 Dr = 50% 1 10% API Proposed p-y curve

Depth = 4.05m p-ycurve
30 pih =4.08m s

20
10

-10 Centrifuge test result
20 CT5A

CT7A
O S CT8A

-40

-50

-0.05 -0.03 -0.01 0.01 0.03 0.05
Relative pile-soil displacement, y (m)

Lateral soil resistance, p (kN/m)

Figure 5.36: Proposed p — y curve compared with centrifuge test results (tests CT5-A,
CT7-A and CT8-A) as described in chapter 3.
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5.9 Summary of conclusions

The current understanding of the stress-strain behaviour of liquefied soil has facilitated
to propose a simplified stress-strain model of it, which can be obtained from its basic
properties and can be used in the absence of actual laboratory test data. A tri-linear shear-
stress versus shear-strain curve was proposed for fully liquefied soil with four parameters,

such as: v, G1, Gy and Ty

The study of strain rate effect on the stiffness of soil suggested that the p — y curve
can be modelled as a pseudo-static curve and the effect of strain rate, which becomes
significant during dynamic analysis, can be related to the damper properties in a BNWF
model. For a soil at a particular relative density, the tests have shown that the strain rate

dependency on critical state shear modulus (G3) is not apparent.

The p — y curve construction procedure from stress-strain properties of the soil has
been explored in this chapter. The stress and strain of the soil was scaled to obtain the
parameters of the p — y curve using two scaling factors, Ny and M,. Appropriate values
of Ny and M, have been proposed through FE analysis. A smooth p — y curve was then
proposed which maintains the characteristics of the stress-strain behaviour of liquefied

soil, and is yet simple to define and implement in a BNWF model.

The proposed p — y curve model was compared with two experimental p — y curves
from (a) the full scale field test results by Rollins et al. (2005) and (b) the centrifuge
test models as described in chapter 3. The proposed and observed p — y curves were in
close agreement in the initial part, however, at large displacement the magnitude of the
proposed p — y curves were higher. Although, an exact match between proposed and
observed p — y curves was not found because of the assumed simplifications in stress-
strain behaviour of soil and the p — y curve model definition, the proposed p — y curve
was providing qualitatively similar strength and initial stiffness values as compared to
the experimental observations. Considering the complexity of the problem, the proposed
procedure may be regarded as a reasonably simplified model for constructing a pseudo-
static p — y curve, however, the user must be aware of its limitations. The proposed
p — y curve is applicable only for fully liquefied soil subjected to monotonic loading.

This may represent field conditions when the liquefied soil flows past pile or the pile
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deflects monotonically in the liquefied soil. The proposed model does not include the
cyclic behaviour of the soil. However, for a dynamic loading scenario, this model may be
used for initial simplified pseudo-static analysis. Significant research is still necessary to
compensate the limitations of the proposed p — y curve model and more field cases are

necessary to validate it.
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Chapter 6

Study of a case history of pile failure
using the proposed p — y curve

6.1 Introduction

The failure of piles in liquefiable soils can be governed by the coupling of failure mecha-
nisms rather than by a single mechanism. The possible interactions of these mechanisms
have already been discussed in section 2.5. Two major combinations of the failure mech-
anisms in liquefiable soils were studied by Dash et al. (2009) (bending + settlement),
and Dash et al. (2010a) (bending + buckling) by using a beam on non-linear Winkler
foundation (BNWF) model. The analyses have shown that the pile-soil interaction can
ideally be represented by an appropriate BNWF model which can also incorporate the
interaction of different mechanisms. Dash et al. (2010a) showed the inconsistency that
lies in defining lateral resistance of liquefied soil in current practice while modelling LPSI
in liquefied soil in a BNWF model. In chapter 5, a new p — y curve was proposed, which
can give a better representation of LPSI in liquefiable soils. In this chapter, the proposed
p—1y curve has been implemented in a BNWF model to study a case history of pile failure

in liquefiable soil.

6.1.1 Outline of the chapter

The failure of Showa Bridge piles during 1964 Niigata earthquake has been taken as an
example of pile failure in liquefiable soils and analysed using a BNWF model. The reasons
for choosing this particular case study has been mentioned in section 6.2. The current

hypothesis of bridge failure and its controversies are detailed. The proposed p — y curve
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for liquefied soil has been implemented in a BNWEF model and important inferences from

the results are discussed.

6.2 Analysis of the case history of Showa Bridge pile
failure

The Showa Bridge was a simple steel girder bridge with pile foundations crossing the
Shinano River, Japan. The bridge collapsed just one month after its construction during
the 1964 Niigata earthquake as shown in Figure 6.1. This case history of pile failure
has received significant attention from the research community and is considered in the

present study for the following three reasons.

1. The bridge was almost new when collapsed, and had steel tubular piles. This ensures
less uncertainty of material strength as degradation of piles due to corrosion is not

expected.

2. The failure pattern of a bridge pile and the soil profile are available from post

earthquake investigations (Figures 6.2 and 6.3).

3. This case history is well documented in many technical papers and reports; see for
example Takata et al. (1965); Fukuoka (1966); Iwasaki (1984); Hamada (1992a);

Ishihara (1993); Kramer (1996); Bhattacharya et al. (2005); Yoshida et al. (2007).

6.2.1 Post earthquake observations

During the 1964 Niigata earthquake, the Showa Bridge site was subjected to extensive
liquefaction and lateral spreading. Five of the twelve spans fell off the pile heads in
the earthquake (Figure 6.2). Figure 6.3 gives the soil and pile data obtained from post
earthquake investigation of a recovered pile. From detailed soil investigation, Hamada &
O’Rourke (1992) estimated that the soil liquefied to a maximum depth of 10 m below the
riverbed. The liquefaction soil profile under the bridge is shown in Figure 6.4.

Yoshida et al. (2007) collated many eyewitness statements and established the

chronology of the bridge failure. They mentioned that the bridge started to fail about
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Figure 6.1: Showa Bridge Collapse during 1964 Niigata Earthquake (JGS, 1964).

60s after the first shock of the earthquake. The progressive collapse of the bridge took
about 20s, and started with the falling of bridge deck G6. Based on eyewitness re-
ports, Kazama et al. (2008) reported that the collapse of bridge girders proceeded as
G6—G7—G5—G4—G3.

|]3.75| 27.64 | 27.64 | 27.64 L27.64 |27,64 |27,64 l 27.64 | 27.64 | 27.64 |]3.75|
Fmle Me  ME MmE ME miv AM M Fm Am Fl

Gl G2 G3 G4 G5 Gé G7 G8 (€% G100 Gl

Figure 6.2: Failed Showa Bridge after 1964 Niigata earthquake (redrawn after Yoshida
et al. (2007) ). |[M: Movable bearing, F: Fixed bearing]
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Figure 6.3: Structural and surrounding soil data of one Showa Bridge pile (see pile P4 in
Figure 6.2) after post earthquake recovery (Fukuoka, 1966).
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Figure 6.4: Soil Liquefaction profile (in grey) at Showa Bridge site (Hamada & O’Rourke,
1992).

There was no measurement of ground motion during the earthquake very close to
the bridge site. The nearest available measurement was taken at Kawagishicho apartment,
2km away from the bridge, which is not very far from a practical point of view unless

a significant change in soil profile was expected. Figure 6.5 shows the time history of
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the Niigata earthquake in both North-South and East-West directions recorded at the
basement of the apartment. Due to the absence of a ground motion recording close to the
bridge, the measured ground motion 2km away from bridge was used as representative
ground motion at the bridge site. The ground motion recorded at the basement of the
building was assumed not to have significant SSI (Soil Structure Interaction) effect. The
magnitude of the earthquake recorded (N-S component) at the basement of Kawagishicho
apartment was about 0.1¢g at ~0.16Hz frequency of vibration during the time of bridge
collapse. The longitudinal axis of the bridge was about 30° North-West (Yoshida et al.,
2007), hence the acceleration magnitude in the longitudinal axis of the bridge was expected

to be a combination of both N-S and E-W components of the measured ground motion.
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Figure 6.5: Time frame of the Showa Bridge collapse shown over the acceleration time
history recorded at the basement of Kawagishicho apartment (after Kudo et al., 2000).

6.2.2 Structural details of the bridge pile

The bridge was 304m long, 24m wide with 12 spans (Fukuoka, 1966). The foundation of
each supporting pier was a single row of 9 tubular steel piles connected laterally by a pile
cap. Each pile was 25m long with outer diameter of 0.609m. The wall thickness of the

upper 12m of the pile was 16mm and the bottom 13m thickness was 9mm. The axial load
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(P) carried by each pile from a dead load analysis was estimated by Bhattacharya (2003)
as 740kN, and the same value was used in the present study. The design live loads were
ignored as there was no significant traffic on the bridge during its failure.

The material of the Showa Bridge piles, as per the Japanese standard JIS-A:5525
(JSA, 2004), was assumed to be SKK490 grade steel pipe with the yield strength (o) and
ultimate strength (o) of 315MPa and 490MPa respectively. The stress-strain behaviour

and sectional properties of the pile are presented in Table 6.1.

Table 6.1: Structural properties of the Showa Bridge pile section.

Sectional details of the pile Axial Capacity (kN) Bending Capacity (kNm)
t=16mm P, =9405 M, = 1354 (for P = OkN)
= 1286 (for P = 740kN)
t P, =14630 M, =2675 (for P = OkN)
= 2415 (for P = 740kN)
t =9mm P, =5355 M, =790 (for P = OkN)
= 680 (for P = 740kN)
|< =| P, = 8330 M, = 1567 (for P = 0kN)
D =0.609 m

= 1385 (for P = 740kN)

Note: P, = Axial yield capacity

Stress
P, = Ultimate axial capacity G A
M, = Yield moment capacity ¢
[o )
M, = Plastic moment capacity v
€ € Tensile
— ~ Is Ie » Strain
Direct compressive Y u

g, =0.00157 ¢, =0.089
o, =315 MPa o, =490 MPa

6.3 Current hypothesis of the Showa Bridge failure and
controversies

The case history of the Showa Bridge failure has been used extensively by many researchers
to study the response of piles in liquefiable soils including Dobry & Abdoun (2001),
Hamada (1992a); Ishihara (1993); Kramer (1996); Bhattacharya (2003); Bhattacharya

et al. (2005) and Dash et al. (2010a). The major hypotheses have been suggested by the
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researchers can be classified in three categories as described below.

6.3.1 Bending hypothesis

Many researchers including Dobry & Abdoun (2001); Hamada (1992a); Ishihara (1993)
and Kramer (1996) illustrated that the Showa Bridge failure was due to the effects of
lateral spreading on piles. Hamada (1992a) quotes a reliable eyewitness report, “ The
girders began to fall somewhat later, perhaps about 0 to 1 minute after the earthquake
motion ceased” and goes on to describe the current conventional theory of the failure as:

“The ground on the left bank and in the riverbed liquefied as a result of the earthquake
motion and moved toward the river centre. The ground displacements continued even after
the earthquake motion ceased, until the excess pore pressure dissipated. The permanent
ground displacement on the left bank reached several meters, substantially deforming the
foundation piles and causing the girders to fall”.

This hypothesis suggests that the pile failed due to bending (see bending philosophy
as discussed in section 2.5.1) due to the force experienced by lateral spreading. Based on
this hypothesis, plenty of research has been carried out to propose a limiting force that
the liquefied soil can apply during lateral spreading (e.g., He et al., 2006, Brandenberg,
2005 Abdoun & Dobry, 2002). JRA guideline (JRA, 2002) also suggests a limiting force

model for laterally spreading liquefied soil following this hypothesis.

6.3.2 Buckling hypothesis

In contrast to the bending hypothesis, Bhattacharya (2003); Bhattacharya et al. (2005)
demonstrated that the lateral spreading force of liquefied soil is quite small and it also
cannot fully explain the mode of failure of the bridge. The argument was that as the bridge
failed after the period of strong shaking the failure must be the result of some secondary
action of the earthquake. If the pile failure had been due to lateral spreading, the piers
would have displaced in the same direction down the slope (left to right). In contrast,
the piles of pier P5 displaced towards the left and the piles of pier P6 displaced towards
the right as shown in Figure 6.2. The piers close to the riverbank did not fail despite the

lateral spreading there being severe. They, hence, hypothesised that the failure was due

205



to buckling instability (see buckling philosophy as discussed in section 2.5.1) owing to the
loss of lateral strength of soil due to liquefaction. Assuming no lateral stiffness of liquefied
soil, Bhattacharya et al. (2005) estimated the theoretical Euler buckling load for the pile
to be 1030kN, quite close to the allowable load of the pile (965kN) from geotechnical
consideration, which could have caused the bridge to fail with small lateral loading or

practical imperfection.

6.3.3 Bending-buckling hypothesis

Designing pile foundations for bending as opposed to buckling failure criteria requires
different approaches. Bending failure depends on the bending strength (moment at yield,
M, and plastic moment capacity, M,) of the pile, whereas, buckling represents a sudden
instability of the pile when the axial load, P, reaches the buckling load. However, in
reality, piles are subjected to both axial and lateral loads during an earthquake and hence
act like beam-column members. Dash et al. (2010a) carried out a detailed investigation
using this case history of pile failure and demonstrated the bending-buckling interaction
as a possible mechanism of pile failure in liquefiable soils.

Six models that are used in practice for bending analysis in liquefiable soils were
considered in the analysis (as shown in Figure 6.6), modelling details of which can be
found in Dash et al. (2010a). Conventional bending analysis, simplified buckling analysis
and coupled bending-buckling analysis (considering both axial and lateral load) were

performed. The major conclusions drawn from the analyses are given below.

1. The lateral load on piles due to the flow of liquefied soil varies widely according to
various design guidelines and researchers (see Figure 6.7). For displacement based
models, the maximum lateral force was taken as the maximum resistance of p — y

springs for the liquefiable soil layer (i.e., ap, of the p — y spring as in Figure 2.29a).

2. The conventional bending analyses (without considering the axial load) showed that
3 out of 6 models did not predict the pile failure. The simplified buckling analysis
gave a factor of safety (FOS) of 1.33 against theoretical elastic buckling and could

not describe the failure of a bridge pile alone.
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3. The analyses, while not indicating failure under bending analysis, could predict fail-
ure when bending-buckling interaction was taken into account. Figure 6.8 shows
the results of the coupled analysis for a force based model (model ¢) and a displace-
ment based model (model e). For example, the model-c, which could not predict
failure when no axial load was applied, predicted failure when the axial loads were
incorporated in the analysis. The pile failed at 60% of the lateral load when an axial
load of 370kN was used. This reduced further to only about 11% when full axial
load of 740kN was applied.

4. The analysis showed that while in some cases the pile can be considered safe if
designed for bending and buckling criteria in isolation, it can, however, be seen to

fail when both the criteria are taken together.

5. The coupled bending-buckling hypothesis was able to predict structural failure of
the pile, but it could not ascertain why the plastic hinge formed at 3.5m below
ground level. The locations of maximum bending moment predicted by all these

models were within the bottom non-liquefied soil.

6.3.4 Controversies
The major observations of the bridge failure that any theory has to explain include:

e Pile failed structurally with visible cracks and local buckling at a depth of 3.5m

from ground level.
e The bridge failed about 60sec after the main earthquake shock.
e The failure started at the middle of the bridge.

None of the three hypotheses described above (i.e., bending, buckling and bending-
buckling interaction as given in Section 6.3) was able to describe these observations. Table
6.2 summarises the results of different analyses performed to study the Showa Bridge fail-
ure observations. Although some of the models were able to predict the structural failure
of the pile, none of the models were able to predict the location of the plastic hinge in the

pile.
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Figure 6.6: Six models (3 force based and 3 displacement based) of Showa Bridge pile
subjected to lateral force from soil flow (Modified after Dash et al., 2010a).

All of these hypotheses discussed consider that the bridge had failed after the earth-
quake, and ignore the inertia load at top of the pile. Although some bending analysis and
some coupled bending-buckling analysis models predicted structural failure of the pile,
the source of lateral loading considered in these studies is still under question. It is clear
that lateral spreading occurred around the left riverbank, however, there is no evidence
that the riverbed (directly underneath the bridge) experienced lateral spreading. Recent
studies by Yoshida et al. (2007) suggested that the bridge failed before the lateral spread-
ing had begun. The argument made by Kerciku et al. (2007) showed that the liquefied soil

under the middle of the bridge (under pile P5 and P6) was already at its lowest position
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Figure 6.7: Comparison of maximum lateral force on pile due to the flow of liquefied soil,
force based models (models a, b, ¢ as in Figure 6.6) versus displacement based models
(model d, e, f as in Figure 6.6) (Dash et al. (2010a)).

of potential energy and would not be expected to flow. This is also supported by the fact
that piers P5 and P6 collapsed in opposite directions. These arguments thus discard the

lateral spreading being the reason for Showa Bridge collapse.

In contrast, the ground motion recorded near the bridge site shows that the earth-
quake was still continuing with a small magnitude low frequency vibration during the
failure of the bridge (Figure 6.5). None of the models considers the dynamic characteris-

tics of the bridge pile, which is expected to change during liquefaction of the subsoil.

Hence, the bridge pile was re-analysed here by a BNWEF model to incorporate the
inertia effect in the analysis. The model was similar to the displacement based model
studied by Dash et al. (2010a), but the p — y curves for liquefied soils were replaced by
the proposed new p — y curves (section 5.6.2). A coupled bending-buckling interaction
analysis was carried out considering the possible interaction between inertia force and

axial load in pile.
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6.4 Analysis of bridge pile using the proposed p — y

curve model

6.4.1 BNWF Model details

6.4.1.1 Structural model

The 25m long Showa Bridge pile was passing through a four-layer system of air, water,
liquefied soil and non-liquefied soil (Figure 6.3). It was restrained over the bottom 6m of
non-liquefied soil and carried an inertia force and an axial load at its head. The bridge

pile was modelled as a Beam on a Nonlinear Winkler Foundation (BNWF') using the finite
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Table 6.2: Showa Bridge failure prediction by different analysis models.

Field observations — Pile had Bridge Cracks Bridge
visible started to  (plastic failed
cracks fail at the hinge) in the 60sec
and local middle pile was after the
buckling span (G6) 3.5m below main

GL shock

Model predictions

Simplified bending No No - -

analysis (Bhattacharya

et al., 2005)

Simplified buckling No No - No

analysis (Dash et al.,

2010a)

Bending analysis Yes No 12.5m below Yes

(DB models a and b, GL

Figure 6.7)

Bending analysis No No 12.5m below Yes

(FB model c, Figure GL

6.7)

Bending analysis Yes No 9.75m below Yes

(DB model d, , Figure GL

6.7)

Bending analysis No No 12.25m below  Yes

(DB model e, Figure GL

6.7)

Bending analysis No No 11.75m below  Yes

(DB model f, Figure GL

6.7)

Bending -buckling Yes No 12.5m below Yes

analysis (FB model-c, GL

Figure 6.7)

Bending -buckling Yes No 12.25m below  Yes

analysis (DB model e, GL

Figure 6.7)

Note: FB: Force based, DB: Displacement based, GL: Ground level

element program SAP 2000 (CSI, 2008), where the pile was modelled as beam-column
elements and the soil-pile interaction was modelled as lateral soil springs (p — y springs)
lumped at 0.5m intervals. The structural properties of the pile can be found in section
6.2.2. The pile was assumed to be free at top and has a roller support at the bottom,

similar to the Dash et al. (2010a) model.
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6.4.1.2 Soil model

The length of the pile embedded in the soil was 16m, of which the top 10m had liquefied
during the earthquake. For non-liquefied soil layer, nonlinear p — y spring properties are
estimated as per APT guidelines (API, 2000). The calculation of p — y curves as per API
guidelines required the in-situ relative density (D,) values, which were estimated from
the available SPT N values using Equation C.4 (Appendix C). During liquefaction, the
effective stress in the liquefied soil layer becomes nearly zero, and hence, for estimating
the p—1vy springs for the bottom 6m of non-liquefied soil, the effective stress was considered

zero at its surface, that increased with depth. The effective unit weight of the soil was

taken to be 10kN /m?.

For the 10m liquefied soil layer, the p — y curve as proposed in section 5.6.2 was
used. A step by step calculation procedure can be referred in section 5.8. The proposed
p —y curves at four depths are presented in Figure 6.9. Few salient features of the model
can be seen in the plot. The ultimate strength of the p — y curve increases with depth,
which is a function of initial effective overburden pressure. The initial stiffness, however,
is a function of relative density of the soil. As the soil profile in this case had a very soft
layer, at bm to 8m from GL, the initial low stiffness of the p — y curve at h = 6.25m
was higher than that of the p — y curve at h = 4.25m as can be seen in Figure 6.9a.
The proposed p — y curve at a particular depth is compared to the API p — y curve for
non-liquefied soil, and its reduced 10% value for liquefied soil in Figure 6.9b. The figure
clearly shows that the initial stiffness in the proposed model is very low (about 25 times
lower) as compared to the initial stiffness of 10% API p — y curve. For the top 1m of
liquefied soil the maximum shear strength (7,,4,) Was estimated to be less than 1kPa (see
Step-7 of section 5.8), and hence the p — y curve was not modelled for this part of the

liquefied soil.

The proposed p — y curves for liquefiable soils are compared with the p — y curves
of one of the widely used BNWF models (model-d as given in Figure 6.6). In model-d,
the p — y curves in liquefied soils were modelled as 10% of the API p — y curve for non-
liquefied soils. The comparison is shown in Figure 6.10 at four depths. Although, the

model-d proposes a lesser value of ultimate lateral resistance, the initial stiffness is quite
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Figure 6.9: (a) The proposed p — y curves at four depths in the fully liquefied soil layer.
(b) Comparison of the proposed p — y curve at a particular depth with API p — y curve

for non-liquefied soil and 10% of it for liquefied soil.

high compared to the proposed p — y curve model. K and K¢ are defined as the initial

stiffness of the proposed and the conventional p — y curves as shown in Figure 6.10. For

the Showa Bridge soil profile, K" was about 7 to 92 times smaller than K at different

depths in the liquefied soil.

6.4.1.3 Analysis type

The BNWF model was used to perform three analyses, such as:

1) elastic buckling analysis

2) modal analysis to estimate dynamic characteristics of bridge pile before and after

liquefaction

213



(Q) (b)
£ 25 25 —
z {
< 20 20 | X ke
Q 15 15 i —90
@ 10 - . 10 -/ k"
o Lr7n ) i
Z 5 ok, h=225m 5 h=225m
8 o : : : 0 : : :
000 005 010 015 020 000 005 010 015 0.20
= 80 80
£
Z 60 - 60 | pm==—---c—c—coccoooo
=3 ! k c
Q 40 - 40 1] i 40
g 20 - 20 4 k"
o h=4.25m 1 h=425m | i
S 0 : : : 0 : : :
w
000 005 010 015 020 000 005 010 015 0.20
= 200 200
£
Z 150 - 150 - e
~ i
Q 100 - 100 - =38
k n
(%) Pt iy .
o 501 50 | - _ i
= h=625m s h=4625m
S 0 : ‘ 0 : : :
w
000 005 010 015 020 000 005 010 015 020
250 250
E 200 - 200 { ,oem=====m————eeeooo
= 4 c
< 150 - 150 |/ k, _ 86
Q 100 - 100 /) P -
S50 - h=8.25m 50 h=825m | '
= 0 ; ; 0 ‘
o}
o2 000 005 010 015 020 0 005 01 015 02

Pile-soil displacement, y (m) Pile-soil displacement, y (M)

Figure 6.10: p — y curves of based on (a) proposed model and its comparison with (b)
10% of API p — y curves (see model-d in Figure 6.6) at four depths in the liquefied soil
layer (h = depth from ground level).

3) coupled bending-buckling analysis considering inertia and axial load on pile

Each of the analysis and its results are discussed below.

6.4.2 Analysis results
6.4.2.1 Elastic buckling analysis

An elastic buckling analysis of the bridge pile was carried out under three different condi-
tions as shown in Figure 6.11. Elastic buckling loads obtained for these cases are presented

in Table 6.3. In service condition (Figure 6.11a), the buckling load, P, for the pile (as
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a fixed-free column) was extimated to be 4459kN. For the fully liquefied condition, con-
sidering zero stiffness of the liquefiable soil layer, the buckling load was estimated to be
985kN. The proposed p—y curve model for the liquefiable soil layer predicted the buckling
load to be 1495kN. Hence, if the buckling criterion is taken alone for design, the factor
of safety is more than one for all the three cases considered, which suggests that the pile

can be treated as safe against elastic buckling.

10m|

(b) (c)

Figure 6.11: Showa Bridge pile configuration for buckling load estimation. (a) Service
condition, (b) Fully liquefied case with zero stiffness of soil in the liquefied soil zone, (c)
BNWF model with proposed p — y curve for liquefiable soil.

Table 6.3: Elastic buckling load of bridge pile as estimated for different models.

Type of model (Refer to Elastic buckling load Factor of safety
Figure 6.11) against buckling
Before liquefaction (service 4459kN 4459 / 740 = 6.03
condition)

At full liquefaction without any soil  985kN 985 / 740 = 1.33
stiffness for liquefied soil

Proposed p — y curve for liquefied 1495kN 1495/ 740 = 2.02
soil
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6.4.2.2 Modal analysis to estimate dynamic characteristics of bridge pile be-

fore and after liquefaction

Usually, fundamental frequency of vibration of a pile-supported structure is estimated
based on formulas which are derived from internationally calibrated data (Chopra & Goel,
2000), which do not account for the supporting soil, and the structural length of the pile
is taken as the length of pile above the ground and a depth of fixity (usually 3D to 5D).
This could be a fair assumption for piles in competent soil. However, during liquefaction
the piles in liquefiable soils lose its lateral confinement and become an integral part of the
structure. The frequency of the structure may alter substantially and in most cases will
reduce. Reduction in fundamental frequency of the structure will increase its flexibility
and the structure may suffer more lateral deformation. The bending moment in the piles
may increase significantly if the altered natural frequency of the structure comes close to
the driving frequency of the earthquake.

Considering the piles as the integral part of the bridge, fundamental frequencies of
the bridge for various soil conditions were estimated. The mass of the superstructure
was applied as a lumped mass to the pile head. For each pile a mass of 74Ton was
applied at its head. Table 6.4 summarises the first fundamental frequencies, f, of the pile
before and after liquefaction obtained from the BNWF model. The analyses gave f, of
0.367Hz before liquefaction (i.e., time period, T,, = 2.72s), which decreased to 0.176Hz
after full liquefaction (i.e., T,,= 5.68s). A simplified estimation considering zero stiffness
of the liquefied soil gave f, of 0.126Hz (i.e., T,= 7.95s) at full liquefaction. It is worth
noting that the estimated fundamental frequency of the Showa Bridge at full liquefaction
(0.176Hz) is quite close to the driving frequency of the earthquake (~0.16Hz) at the time
of the bridge collapse, which could have increased the bending moment in the piles leading

towards failure.

6.4.2.3 Coupled bending-buckling analysis considering both inertia and axial

load on pile

The ground motion record available near the Showa Bridge site during 1964 Niigata

earthquake is given in Figure 6.5. For a liquefiable site, it is expected that the ground
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Table 6.4: First fundamental period of pile for different models.

Type of model First fundamental First fundamental
frequency, f, (Hz) period, T}, (s)

Before liquefaction (service 0.367 2.72
condition), from the analysis of the
BNWF model using API p—y

curves
At full liquefaction, considering 0.126 7.95
zero stiffness of the soil

At full liquefaction, from the 0.176 5.68

analysis of the BNWF model with
proposed p — y curve

motion will be higher at the base of the liquefied soil layer than the recorded motion at
ground level, because most of the shear waves of ground motion cannot travel through
liquefied soil. Hence, predicting the actual magnitude of ground motion at the bottom of
the pile from the measured ground motion at the surface is particularly difficult as the
basic information in the data is missing.

In a very simplified seismic design consideration for a SDOF system, about 10%
of the weight is taken as inertia force. As the amount of inertia for the present case
during bridge failure is unknown, the analysis was carried out for a range of inertia
forces at the pile head, varying from 0 to 0.1P (i.e., I; = 0 to 74kN). The pile was first
subjected to the full static axial load (P = 740kN), and then the lateral inertia load was
applied gradually keeping the axial load constant. The analysis included P-delta and
large displacement effects. A nonlinear pseudo-static analysis was carried out in SAP
(CSI, 2008), which was essentially a modified time-history analysis to incorporate the
bending-buckling interaction. The damping and mass of the system was forced to be near
zero value and a very slow loading function was applied for axial and lateral load as shown
in Figure 6.12. Time values at A, B and C in the figure were defined as 0s, 100s and 200s
for both axial and lateral loading.

Figure 6.13 plots the normalised pile head deflection and normalised maximum bend-
ing moment in the pile due to lateral inertia load. The results in the figure are presented
for two levels of axial load in pile, OkN and 740kN. It is clear from the figure that the
lateral deflection is amplified due to the inclusion of axial load in the analysis. With-

out considering the effect of axial load in the analysis, the yielding in pile was occurring
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Figure 6.12: Loading function used in the analysis for axial and inertia load.

at about 0.09P (66.6kN) of inertia load (i.e, bending moment = M, ), which reduced to
0.041P (30.34kN, about 54% less as compared with 66.6kN), when the axial load of 740kN
was included in the analysis. The sharp deflection of the pile head in the figure shows
the instability in the pile due to 30.34kN of inertia (lateral) load in presence of 740kN of
axial load at the pile head.

The analysis showed that at 0.041P of inertia load and 740kN of axial load, the first
yielding of the pile was occurring at a location 3.5m below the ground level (see Figure
6.14a). The soil reaction profile along the pile length and lateral pile deflection for this
level of loading is presented in Figure 6.14b and Figure 6.14c. Looking at these results
along with Figure 6.10 suggests that the top 5m of soil in the liquefied zone has mobilised
beyond the initial low stiffness part, but the soil layer below this depth did not and the
resistance was quite low. In the bottom non-liquefied soil layer, higher lateral resistance
was observed even for very small deflection as it uses soil springs with API p—y curves for
non-liquefied soils. This resistance distribution along the pile also impelled the bending
moment in the pile to be maximum in the top 5m of the liquefied soil layer.

The bending moment distribution along the pile length for two levels of inertial force

(0.025P and 0.041P) is presented in Figure 6.15. As shown in the figure, the location of
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Figure 6.13: (a) Normalised pile head displacement and (b) normalised maximum bending
moment due to lateral inertia force (F;), with and without axial load (P).

first yielding was occurring at 3.5m below ground level, corresponding to the maximum
bending moment location. This matches well with the field observation. The proposed
p — y curve model with coupled bending-buckling analysis was thus able to predict the

structural failure of the pile and the location of the plastic hinge.

6.5 Discussion of results

The present analysis with the new proposed p — y curve model showed structural failure
of the pile and could also predict the location of hinge formation in the pile, which
matches with the observation. However, it could not justify why the bridge failed after
60s of earthquake and not during the maximum inertia force. Also this analysis could not

justify why only few piles failed when every pile was subjected to a similar inertia force.
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Figure 6.14: (a) Deflected pile showing the location of first yielding, (b) Lateral pile
deflection, and (c) soil resistance along the length of the pile from proposed p — y curve
model for 0.041P of lateral inertia force with an axial load (P) of 740kN.

The dynamic characteristics of the bridge pile during full liquefaction may explain it.

The above analysis was carried out for pile P4, whose post earthquake details were
available. However, the bridge collapse initiated with the falling of girder G6, one end of
which was seating on pile P6. Figure 6.16 shows the seating arrangement of girders over

pile P4 and P6.

Generally a bridge has maximum lateral flexibility at its centre and it reduces to-

wards the end (Kerciku et al., 2007). Added to this, the liquefaction caused the pile to
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Figure 6.15: Bending moment distribution along the depth of the pile at 0.025P and

0.041P lateral inertia force.

be nearly unsupported for about double the length of its original unsupported length,

which effectively increased the flexibility of the bridge pile. Unfortunately, the central

pile had two sliding bearings that supported girders G6 and G7. The pseudo-static anal-

ysis showed large pile head deflection for an inertia load of 0.041 P (30.34kN) along with

740kN of axial load. If the soil profile near to the pile P6 is considered to be same as near

to pile P4, the girder might have fallen from the seating due to this loading. Also, the

increased flexibility of the pile at full liquefaction could have induced higher deflection to
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Figure 6.16: Seating arrangement at pile head of the Showa Bridge pile P4 and P6.

the pile head when the large ground displacement occurred at about 60sec after the main
shock (see Figure 6.5). It can be hypothesised that during the main shock, the soil did
not liquefy fully, but by the time a second jolt came at about 60sec from the main jolt
the soil was fully liquefied.

Based on the above discussion, it is reasonable to assume that the increased lateral
flexibility and the combined action of axial and inertia load have caused girder G6 to fall
from the pile head. Once the girder is out of the pile head it will start to fall down due
to its own weight, which will apply additional lateral force on the pile. This lateral force
can be considered very similar to the inertia force as considered in the present analysis.
Hence, the new p — y curve model still retains the validity of predicting structural failure
and location of hinge formation even if the cause of the Showa Bridge failure was initiated

due to the fall of girder from the top.

6.6 Summary and conclusions

From the above numerical studies of the Showa Bridge pile failure, the following conclu-

sions can be drawn.

e In BNWF model, liquefied soil can be represented by the new proposed p —y curve,

which is based on the mechanics of pile-soil interaction and a direct derivation from
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the fundamental stress-strain behaviour of the soil. However, the proposed p — y
curve is only applicable for fully liquefied soil and for a monotonic or pushover type

analysis.

It is important for designers to take into account the bending-buckling interaction
during seismic design of piles in liquefiable soils, which can be easily incorporated
in a BNWF model and applying axial loads along with other seismic loading (e.g.,

lateral spreading force, inertia force, etc.).

The inertia force can be a feasible source of lateral loading for the Showa Bridge pile,
which in combination with axial load and degraded soil stiffness at full liquefaction

could predict the structural failure of the pile.

The analysis predicted the location of maximum bending moment in the Showa
Bridge pile at 3.5m below GL, which matches well with the observation. The failure
of the bridge after full liquefaction also discards the possibility of hinge formation
at intermediate depths during the top-down progression of liquefaction, which is
discussed in section 3.9 as another possible reason of plastic hinge formation at

intermediate depths.

Although, the aim of this study was not to find the actual cause of Showa bridge pile
failure, the analysis captured some major field observations of the failure by using

the proposed p — y curve model such as the location of the plastic hinge formation.
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Chapter 7

Conclusions

This thesis investigates the lateral pile soil interaction (LPSI) in liquefiable soils. The
modelling technique of LPSI using p—y curves in a beam on non-linear Winkler foundation
(BNWF) model and its present shortcomings for modelling liquefiable soil are highlighted.
A set of 13 centrifuge pile group test results were analysed in detail to obtain p —y curves
in liquefied soil. To further understand the LSPI close to the pile, a series of 1 — ¢ tests
was performed and the p — y curves at different degrees of liquefaction with various rates
of loading were studied. Considering the similarity between the experimentally observed
p — y curves and the stress-strain behaviour in liquefied soil, element tests available in
literature that give the stress-strain behaviour of liquefied soils are collated. Based on
these element test results and a numerical analysis, a very simplified monotonic p — y
curve has been proposed that preserves the characteristics of experimentally observed
p — y curves as well as the stress-strain behaviour of liquefied soil. Finally the proposed
p — y curve was used to study the case history of Showa Bridge pile failure and the

important observations were highlighted.
7.1 Specific conclusions

Each chapter in this thesis ends with the summary of conclusions from that chapter. The

specific conclusions obtained from the present study can be summarised as follows.

7.1.1 Resistance of liquefied soil

Based on the experimental studies, both centrifuge and 1 — g tests, and already available

field test (see section 2.8.3) and element test data (see section 2.3.3), it may be inferred
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that liquefied soil can offer significant lateral resistance to a pile if sufficiently sheared in an
undrained condition. The origin of this lateral resistance to a pile has been hypothesised as
suppressed dilation of liquefied soil that causes the decrease in excess pore water pressure
during post liquefied monotonic shearing. For a medium dense sand (~ 50% relative
density), centrifuge tests have shown that at full liquefaction the resistance can normally
range from 1-10% of the APT suggested resistance for non-liquefied soil. The 1 — g tests
have also shown similar reduced resistance for partially liquefied soil, for example, at
50% liquefaction, the maximum lateral resistance was about 1/2 of the API suggested

resistance for non-liquefied soil.

7.1.2 Shape of the p — y curves

Most of the centrifuge tests have suggested that the shape of the p — y curve is a strain
hardening type, offering very low stiffness for initial relative pile-soil displacement but
higher stiffness at large displacement. The 1 — g tests have shown that the initial stiffness
of the p — y curve reduces with increasing degree of liquefaction. However, the stiffness
at larger displacement does not depend on degree of liquefaction. This is in contrast
to the present practice of strain softening type p — y curve. The 1 — g tests have also
shown that the p—y curve can reach a maximum resistance value when subjected to large
displacement of about 0.4-0.5D. Hence, the shape of a monotonic p —y curve for liquefied

soil can be visualised as a sigmoid curve.

7.1.3 Damping in liquefied soil

The cyclic p — y curves as back calculated from centrifuge tests were used to estimate
equivalent viscous damping ratio. The results have shown that the damping ratio in
liquefied soil could be very high, up to 50% in some cases. The higher damping ratio
was associated with small strain vibration as the proportionate energy dissipated at small
strain vibration was large as compared to large strain vibration. This was due to the
cyclic strength degradation of the soil and change in shape of the hysteresis loop with

strain.
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7.1.4 Bending moment in pile during the process of liquefaction

The centrifuge test results have shown that before liquefaction of the soil, the pile had
sufficient lateral confinement and the depth of fixity lies within the top non-liquefied soil
layer. This, then, causes the bending moment to be maximum near to the pile head. As
the liquefaction progresses from shallow depth to deep depth, the location of maximum
bending moment shifts from the top to the bottom of the liquefied soil layer, where the
rate of shifting depends on the development of liquefaction at the site. Once the soil is
fully liquefied the depth of fixity moves down further to the non-liquefied layer below.
This top-down effect of the maximum bending moment location can be recognized as one
of the reasons for the formation of one or more plastic hinges at intermediate depths of
pile in liquefiable soils during earthquakes, which has been observed in many cases of pile

failure in past earthquakes.

7.1.5 Pore pressure distribution: near to the pile versus far field

Centrifuge test results have shown that higher lateral resistance is associated with the
decrease in excess pore water pressure (EPWP) near to the pile. Though, excess pore
pressure near to the pile could be more appropriate to define soil resistance, it is hard to
characterise the expected value in a field condition, as it depends on many parameters
including the shear loading, pile dimension, gap formation near to pile that facilitates easy
dissipation of EPWP. Hence, the lateral resistance of liquefied soil at soil-pile interface
is normally characterised by the degree of liquefaction expected in the soil at the site
without considering the influence of pile. Also the observations suggest that the pore
pressure dissipation near to pile is quicker than in the free field due to the availability of

a vertical path for EPWP dissipation at the pile-soil interface.

7.1.6 Proposed p—y curve model based on stress-strain behaviour

of the soil

Based on the shear stress - shear strain (7 — ) behaviour of liquefied soil, the parameters

for p — y curve construction were proposed using two scaling factors, Ny and M,. N
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scales 7 to p whereas M, scales strain to y. Appropriate values of Ny and M, have been
investigated through FE analysis and design values were suggested for fully liquefied soil.
The value of M, was proposed to be 1.87 for conservative design. The value of N, was
proposed to be the same as the bearing capacity factor used in current practice, which
is 9.2 for a smooth pile-soil interface and 11.94 for a rough pile-soil interface. A smooth
continuous p — y curve was proposed which uses the scaled p — y curve parameters (y,
p1, Yy and py,). The proposed p — y curve model maintains the characteristic stress-strain
behaviour of liquefied soil, and is yet simple to define and implement in a BNWEF model.
Although, the model was developed for generalised field condition, it has few limitations
and its application should be limited to fully liquefied soil in monotonic loading situations
only. This model does not include the cyclic behaviour of soil. A rough pile-soil interface
was assumed in the finite element analysis carried out to obtain the scaling factors N
and M,. Further study is required to validate the applicability of these factors for smooth
pile-soil interface. Significant amount of research is still necessary in this area and more

field cases are needed to validate the proposed model for its wide adaptability.

7.1.7 Application of the proposed p — y curve model

To demonstrate the application of the proposed p — y curve model for fully liquefied soil,
a well known case history of Showa Bridge pile failure in liquefiable soils was considered,
which failed during the 1964 Niigata earthquake. The proposed p — y curve was used in a
BNWF model to represent lateral pile-soil interaction. A monotonic pushover analysis was
performed considering both axial and lateral loads on pile. Pile foundations in liquefiable
soils subjected to seismic shaking may fail either due to a) excessive settlement, b) shear ¢)
bending, d) static instability, or e) dynamic instability. It is important for the designers to
take into account the appropriate pile-soil interaction representation to be able to choose
right failure mechanism of pile for safe design. In design, either a single failure mechanism
or an interaction of one or more mechanisms governs. The analyses have shown that the
bending-buckling interaction is a more probable mechanism of pile failure rather than the
individual bending or buckling mechanisms. The characteristics of the proposed p — ¥y

curve were compared with the p — y curve in conventional practice and its implication in
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capturing the failure mechanisms for pile design has been demonstrated. Although, the
aim of this study was not to find the actual cause of Showa bridge pile failure, the analysis
captured some major field observations of the failure by using the proposed p — y curve

model such as the location of the plastic hinge formation.

7.2 Limitations of the present research and scope for

further work

The following items can be considered limitations in this research and should be investi-

gated further.

1. The proposed p — y curve from the stress-strain behaviour of the soil was based on
clean sand element test results and plane strain FE analysis. More full scale tests

are required to verify the proposed p —y curve model for soils in the field conditions.

2. For the next level of improvements, the p — y curve model should incorporate the

effect of different degrees of liquefaction and cyclic loading.

3. Piled foundations are most often designed in a group configuration, and piled foun-
dations that support long span bridges are no exception. Such a foundation configu-
ration typically contains a large number of closely spaced piles cast into a substantial
pile cap. In case of a large pile group, the individual responses of piles within the
group are certainly influenced by the presence of neighboring piles if they are spaced
very closely, about less than 3 times pile diameter. Although the centrifuge tests
considered in this study had pile groups, the piles were spaced more than 3D. The
1 — g model tests also considers the case of a single pile while obtaining the p — y
response. Hence, the effect of closely spaced piles on p — y curve in liquefiable soils

should be studied further.

4. The experimental setup used in 1 — g tests needs further improvement in terms
of deeper depth to simulate higher stress level in soil and a better base actuator

system that can generate and sustain full liquefaction in soil for longer time. This
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may provide more experimental evidence to support/improve the proposed p — y

curve model.

. The major focus of this thesis was on lateral pile-soil interaction. During earthquakes
the pile-soil interaction in axial direction and at end bearing may also influence the
overall performance of pile foundation. However, the literature is very limited on
these interactions in liquefied soil. Hence, the axial and end bearing response of

piles in liquefied soils should also be studied.
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Appendix A

Evaluation of first fundamental
frequency

A.1 Dynamic Amplification Factor (DAF) method

The DAF method was used to determine the first fundamental frequency of the soil-pile-
footing-structure system from the centrifuge test data as presented in chapter 3.

A frequency domain analysis was carried out and the amplification factor for the
input signal (base acceleration time history) and output signal (acceleration time history
on top of the footing or superstructure) was estimated for the centrifuge test results.
Matlab® command “tfestimate”’ was used to evaluate the transfer function between input
and output signal. From the transfer function, the dynamic amplification factor was
calculated as the ratio of the transfer function (T%) at each time step divided by the
transfer function at initial time step (7y;). T can be referred to as the static response
of the system.

DAF = -~ (A1)

Figure A.1 shows the dynamic amplification for base acceleration to footing ac-
celeration and base acceleration to superstructure acceleration for test CT6-A. This is
essentially the amplification between input signal and output signal in frequency domain,
and the frequency at which maximum amplification is observed is regarded as the funda-
mental frequency of the system. The DAF analysis was carried out in prototype scale.
In figure A.1, Phase I and Phase II denotes the signal during non-liquefied and liquefied
state of the soil. The analysis has shown that the first fundamental frequency for both
non-liquefied and liquefied cases for test case CT6-A as 6.83Hz and 1.17Hz respectively.

A.2 Verification of the DAF results using simplified an-
alytical method

The pile group with footing and superstructure was modelled as a simplified lumped mass
2DOF system and it was assumed that the pile head near the footing was free to translate
but constrained against rotation. The same boundary condition was also assumed for
the superstructure column head. The effect of lateral restraint from soil was modelled
by fixing the pile at a certain depth (depth of fixity) from the surface. The depth of
fixity in initial phase of vibration (before liquefaction state) was considered as 5Stimes the
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Figure A.1: Dynamic amplification factor for soils before liquefaction (1 - 3sec) and during
liquefaction (3 - 15sec) in the test CT6-A.
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diameter of pile (5x0.3m = 1.5m). For the fully liquefied condition, the total depth of
fixity was considered as the summation of top non-liquefiable soil layer (1.8m), liquefiable
soil layer (3.9m) and a fixity depth in non-liquefiable soil layer below liquefiable soil
layer (1.5m). Hence the total depth of fixity estimated to be 7.2m for fully liquefiable
condition. A traditional lumped mass model was considered where the mass was lumped
at two heights, footing level and superstructure level. At the superstructure level, it
included half of the mass of column and at floor level it included half of the column and
pile mass. The 2DOF model is shown in figure A.2 with its mass and stiffness parameters.
The mass and stiffness matrix of the model can be written as Equations A.2 and A.3 for
both non-liquefied and liquefied cases respectively.

Inr 0 klvg +k2 —k2
My = [moNL m?2 } Ko = { o k2 } (A-2)
1, 0 Kl +k2 —k2
M, — {mOL o } K, — [ L i ok ] (A3)

The Eigen solution of the equation of motion (M#+ K& = 0 ) was carried out using
the generated mass and stiffness matrix. The first natural frequency obtained for both
non-liquefied and liquefied cases were 7.69Hz and 1.22Hz respectively.

M1 = Mass of footing = (1.5 x 1.5 x 0.6) x 7850 = 10598 kg

4 m2 m2
‘ . M2 = Mass of structure = (1.5 x 1.5 x 0.9) x 7850 = 15896 kg
€ k2 k2 M3 = Mass of pile y, = 4 x /4 x (0.3%-0.2882) x 1.5 x 7850 = 261 kg
= M4 = Mass of pile (, = 4 x /4 x (0.3%-0.288%) x 7.2 x 7850 = 1253 kg
1
-+ ‘ My —¢= ‘ M. M5 = Mass of column = 4 x (0.18 x 0.06 x 1.8) x 7850 = 610 kg
5 K, ml, = M1 + 0.5M3 + 0.5 M5= 11034 kg
- ml, = MT + 0.5M4 + 0.5 M5 = 11530 kg
- 777
| (% k1, m2 = M2 + 0.5M5 = 16201 kg
~ K1y = 4 X 1261 /L3 = 48 x (2.1 x 10") x (/64 x (0.3%-0.288%))/1.5°
=178.9 x 10°N/m
L K1, = 4x 12EI/L% = 48 x (2.1 x 10"") (/64 X (0.3%-0.2884)/7.2°
' = 1.62x10°N/m
) B (o) At ful k2 = 4x 12E1L° = 48 x (2.1 x 10"") x (0.06 x 0.18%12)/ 1.8° = 50.4 x 10°N/m
liquefaction liquefaction

Figure A.2: Simplified 2 DOF model for soil-pile-footing-structure system of test case
CT6-A (Refer Figure 3.8 and Table 3.6), (a) before liquefaction, and (b) at full liquefac-
tion.

A.3 Verification of the DAF results using numerical
method

To get a better estimation of fundamental frequency than the analytical solution as carried
out above, the pile group with footing and structure was modelled in SAP2000 V11 (CSI,
2008) in prototype scale. Modal analysis was carried out with the pile base fixed and
the pile head and column head were assigned with a horizontal diaphragm constraint.
Same depth of fixity was considered here as assumed in analytical solution above. The
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first fundamental frequencies of the system before liquefaction and during full liquefaction
were estimated to be 6.45Hz and 1.09Hz respectively (figure A.3).

:L':‘:_]

Frequency = 6.45 Hz Frequency = 1.09 Hz

Figure A.3: First fundamental period of the pile-footing-structure system (a) before lig-
uefaction and (b) at full liquefaction obtained from numerical analysis in SAP2000.

A.4 Results

The results of DAF analysis is compared with the results from analytical and numerical
solutions and presented in table A.1. As expected, the results of numerical and analytical
solution differ from DAF solution due to the inherit shortcoming of these methods to
include the nonlinear soil behaviour. Still, the estimated value of fundamental frequency
by DAF analysis was in close agreement with the calculated numerical and analytical
values. DAF analysis also showed the same fundamental frequency of the system for
both base-to-footing analysis and base-to-structure analysis, although, the amount of
amplification was different in both the cases. This gave confidence in DAF analysis to
find out the fundamental frequency of the system before and at full liquefaction. Further,
the fundamental frequencies for other test cases were estimated by DAF analysis and the
results are summarized in Table A.2.

Table A.1: Comparison of first fundamental frequency of the soil-pile-footing-structure
system obtained from different analysis methods for centrifuge test CT6-A.

Soil condition First fundamental frequency of the system
DAF analysis Analytical Numerical
method method
Before liquefaction 6.83 Hz 7.69 Hz 6.43 Hz
At full liquefaction 1.17 Hz 1.22 Hz 1.09 Hz
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Table A.2: Fundamental frequencies of the soil-pile-footing-structure system in all the
thirteen centrifuge test cases before liquefaction and at full liquefaction as obtained from
DAF analysis.

First Fundamental frequency of the
soil-pile-footing-structure system (Hz)
Sl No. Test ID Before liquefaction At full liquefaction
1 CT1-A 7.14 1.00
2 CT1-B 7.03 0.92
3 CT2-A 7.29 1.17
4 CT2-B 8.02 1.08
) CT3-A 7.04 1.04
6 CT3-B 7.16 1.30
7 CT4-A 7.04 1.11
8 CT4-B 6.49 1.12
9 CT5-A 6.83 1.17
10 CT6-A 6.77 1.17
11 CT7-A 6.63 1.10
12 CT8-A 6.47 1.19
13 CT9-A 6.32 1.18
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Appendix C

Geotechnical Correlations

C.1 Estimation of G,,,, for a particular soil

The value of G4, can be determined from a range of soil parameters depending on site
condition and field/laboratory tests conducted. For example, as in most of the seismic
geophysical tests the shear strain level stays lower than 3 x 107*% the measured shear
wave velocities can be used to estimate G, as:

Gaz = pv? (C.1)

A brief note on different methods of obtaining G4, can be found in Kramer (1996).
For instance, either of the following equations (Equation C.2 by Seed & Idriss (1970) or
Equation C.3 by Imai & Tonouchi (1982)) can be used to obtain Gy,., (in kPa) of the

soil.

Gma;c - 219]{32,mam\/]7 (CQ)

Gz = 14400N°%® (in kPa) (C.3)

For Equation C.2, p’ is in kPa and kg 4, can be obtained from D, value of the soil
as given in Table C.1.

Table C.1: Values of soil modulus coefficient kg ;maz. (Seed & Idriss, 1970)
| D, (%) |30 ]40[45]60[75]090 |
| komae | 34]40[43]52[59]70 |

C.2 Correlation between SPT value (/N) and relative
density (D,) of the soil

The in-situ relative density, D,., of the soil and SPT value, N, can be correlated using
equation C.4 (Meyerhof, 1957) for a given overburden pressure (o7,).

N
0.7+ 2

98

D, = 21

(C.4)
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The SPT value, N, can be corrected for effective overburden pressure, which is
generally denoted as N;. The correlation between N and N; can be written as Equation
C.5, as proposed by Liao & Whitman (1986).

(C.5)

As the standard of SPT field testing procedure in different parts of the world vary,
the obtained value of N must be corrected for effective overburden pressure and a number
of site specific factors including SPT hammer energy. However, for a soil of given rela-
tive density, D,, and effective overburden pressure, o/, the value of N; estimated using
equation C.4 and C.5 does not require energy correction, and it can be considered as
N1_60-
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