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ABSTRACT

The results of a series of over 120 model tests to study the end bearing
capacity of piles in layered calcareous soils are described. The tests were
carried out on samples enclosed in a cylindrical testing chamber, 450 mm
diameter and 450 mm high, which allowed independent control of horizontal and
vertical stress in the range 25 kPa to 500 kPa.

The samples consisted of a loose, uncemented calcareous sand consisting
predominantly of foraminifera and mollusc micro-organisms (D50= 0.2 mm,

calcium carbonate content 92%). Into this was built a layer of the same
material artificially cemented by a gypsum plaster. The layer had similar
properties to naturally cemented deposits, and layers with unconfined crushing
strengths in the range 500 kPa to 4000 kPa have been prepared. All samples
vere tested dry.

Closed end model piles of 16mm diameter were jacked at 0.1 mm/s into the
sample, and continuous profiles of end bearing capacity obtained during
penetration. A parametric study has been carried out to examine the effects on
the bearing capacity of stress level, KO, cemented layer thickness (0.5 pile

diameters to 5.0 pile diameters) and layer strength. In addition, tests have
been conducted with different pile geometry, multiple cemented layers, and
using dynamic installation techniques.

The study has identified ranges of parameters for which brittle failure
of the cemented layer occurs (lov stress levels and high layer strengths) and
ranges where the failure is ductile (high stresses and low layer strengths).
Characteristic patterns have been  observed of the variation of end bearing
vith position as a layer is penetrated. Examination of the samples after
testing has revealed details of failure mechanisms.

Simple procedures are proposed for modelling the bearing capacity of such
layered systems, and some implications of the results for design methods are
discussed.
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CHAPTER 1 INTRODUCTION

1.1 Piled foundations in calcareous soils

The present day need for hydrocarbons has led to an increase in offshore
exploration and production platforms on the continental shelves of the world.
Vithin the last two decades the major areas of activity have coincided with
areas where the sea bottom sediments are predominantly of a carbonate nature
and generally termed calcareous soils. They comprise variably layered
cemented and uncemented carbonate sands, and examples are found in the Arabian
Gulf, the north west and south east coasts of Australia, the west coast of

India and the south east coast of Brazil.

The presence of calcareous soils has presented the geotechnical engineer
with foundation difficulties, as so little is known about their geomechanical
behaviour. It 1is readily recognised that the origin and composition of such
sediments differ significantly from the more well known terrigenous silica
sands. The problem is compounded by the special nature of the sediments

which:-

(i) exhibit extreme variations in void ratio due to variations in the

size and shape of their particles.

(ii) do not compact to as low a void ratio as non carbonate sediments.

(iii1) have very low grain strengths.
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(iv) are very susceptible to post-depositional alteration in the form
of dissolution, cementation and bioerosion, and such alteration

may be extremely variable.

Early offshore construction experiences c¢learly showed the dangers of
applying criteria established from tests conducted on silica sand ¢
calcareous material. 0f particular concern are the low values of driving
resistance and 1load capacity of foundation piles driven into such sediments.
Therefore, much research is being directed at the conception and evaluation of
methods of analysis for structures on calcareous soils, and in particular for

the behaviour of piled foundations.

A recent project on the continental shelf off North West Australia, the
North Rankin platform, has foundation strata consisting of calcareous soils
and 1illustrates a number of typical geotechnical problems. Here the cemented
layers are quite thick and occur periodically throughout the soil profile, a

schematic example is illustrated in Figure 1.1.

The development of pile resistance by skin friction in calcareous soils
has been shown to be limited (Angemeer et al. (1973), McClelland(1974), Fugro
(1981)) and therefére maximum use must be made of the end bearing
characteristics of cemented layers (where they exist). However, due to the
special nature of calcareous material and the geometry of the cemented layers,
the appropriate form of the limit state failure mechanism for such layered
configurations 1is at present in doubt. Therefore, even though it is accepted
that the fundamental behaviour of calcareous soils is not understood fully,
since the 1limit state analysis forms such an important part of the design
methodology for piled foundations, the understanding and evaluation of such
mechanisms has been identified as the primary objective of this research

programme.
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Physical modelling was proposed as a method of investigating this type of
problem and the research concept is illustrated in Figure 1.2. A cemenied
layer (or layers) was created within a sand stratum, and a pile installed into
this system, inducing failure in the cemented layer. A parametric model study
was carried out to study the effects of cemented layer strength, cemented
layer thickness, pile diameter, pile type, and stress level (using a s5iress
controlled testing chamber). The resulting failure mechanisms <cuid be
physically examined and classified, and when related to the measured ‘est
results allowed comparison with appropriate existing semi-empiricai or

numerical solutions.

Based on the acceptance of physical modelling techniques (the phi..scuby
of modelling regarding similarity between model and prototype is discus<sed in

Section 4.1), a number of tasks was clearly defined:-

* establish satisfactory calcareous testing materials (cemec:cd and
uncemented).
* conceive and develop testing equipment.

* conduct parametric model tests.

-
Q

* compare the test results with available semi-empirical/numn.-

predictions.

The extent of these tasks was curtailed by applying the .. vy

limitations:-

(i) the tests were conducted in a dry state.

(ii) only monotonic loading was considered.

{iii) no comparative testing was carried out using silica sand.
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The tasks identified have been completed within this research programme

and are presented in subsequent chapters.

Before discussing the engineering behaviour of calcareous soils, it is

felt to be beneficial to review the geology of calcareous soils, since such

sediments represent relatively new materials to foundation engineers.

1.2 The geology of calcareous soils

1.2.1 Formation, diagenesis and lithification

A review of the associated literature soon indicates that the terminology
used to describe calcareous soils can be confusing, some authors preferring to
use the word ’'carbonate’ in preference to ’‘calcareous’. Tentative guidelines
do exist on the division of sediments into calcareous or carbonate, a sediment
being classified as calcareous if it contains more than 30% and less than 507%
calcium carbonate, and carbonate 1if it <contains more than 507 calcium
carbonate. The word ’calcareous’ seems to have been adopted by the
engineering profession as the generic description for all material (soil and
rock) containing calcium carbonate, and has been used in that context in this
thesis. However, when discussing sedimentological and classification aspects
of this material the stricter terminology should be applied, and it is

therefore, primarily carbonate sediments that are of major interest.

In order to understand the geomechanical behaviour of any soil type, a
thorough knowledge of the geology of that soil is required. This section
therefore attempts to present an overview of the sedimentology, diagenesis and
lithification of carbonate sediments and is drawn primarily from published
works by carbonate sedimentologists and limestone geologists. A more detailed

account is provided by Evans (1985).
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Carbonate sediments are presently forming on many parts of the ocean
floor, the areas of which are defined by fairly complex controls. Excluding
cases where direct inorganic precipitation occurs, the common means by which
the principal constituent of a carbonate sediment i.e. calcium carbonate, is
transferred to the sea floor is biological. Organisms living in the sea water
(pelagic) and on the sea floor (benthonic) utilise dissolved calcium carbonate
to construct portions of their bodies (tests), usually in the mineral form of
calcite or aragonite. Their remains settle on the sea floor, and if the rate
of sedimentation 1is greater than the rate of dissolution, a bed of carbonate
sediment forms. The same has been true throughout geological time, and
because organisms have deposited the carbonate, the controls have changed as

the organisms have evolved.

The rate of organic productivity in the marine environment is controlled
by many variables but 1in general there is a progressive increase from the
higher to lower latitudes. Temperature combines with other factors like
salinity, carbon dioxide balance, water depth, nature of 1local current
regimes, light penetration, effective day length, nature of substrates and
turbidity in controlling carbonate deposition (Reading, 1978). Carbonate
deposits are not, however, restricted to latitudes between 30°N and 30°S as
reported by many recent authors. For example many thousands of square
kilometres of wvirtually pure shelf carbonates are currently accumulating off
southern Australia, between 1latitudes 30o and 4005 (Angemeer, 1973) and in
smaller, discrete patches elsewhere in the world, including areas as far north
as Ireland and Scotland, with deep sea deposits extending beyond the Arctic

Circle (Rodgers, 1957).

Three broad classes of modern marine carbonate sediments may be

recognised, though there are of course gradations: the calcareous oozes found

over great parts of the worlds deep sea floor: the deposits forming organic
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reefs in both the ocean and shallow water; and the carbonate sands and muds of

certain continental shelves.

Organic reef complexes have presented geotechnical engineering problems
on near shore structures (Hagenaar (1982), Hagenaar and Vandenberg (1981)) but
recent offshore hydrocarbon explorations on the continental shelves of many
regions of the world have encountered carbonate sand and mud deposits, and it

is only this class of deposit that will be considered.

The dominance of carbonate deposits upon certain sectors of the world’s
continental shelves 1is directly related to two major factors, the relative
lack of clastic deposition, and high organic productivity. All modern
carbonates occur 1in areas that are not generally receiving large amounts of
silicate detritus, and the bulk of carbonate material on modern shelves is
ultimately of organic origin, either directly as skeletal material or

indirectly as a precipitated by product of organic activity.

It has now been established that marine carbonate sands occupy
significant areas of the continental shelf between the equator and latitudes
60°S and 6OON. Lees and Buller (1972) reviewed the global distribution of
grain types in the sand and coarser fractions in carbonate sediments deposited
in less than 100m of water on open continental shelves between these
latitudes, and found that they could be grouped into a few grain associations.
On tabulating the skeletal grains 1in terms of major taxonomic groups they

discovered a systematic difference between those carbonates forming well

outside the tropics and those of warm water type.
The main groups of organisms represented in the temperate water

associations are; (1) Animals - molluscs, foraminifera (benthonic),

echinoderms, bryozoans, barnacles, ostracods, sponges, worms and ahermatypic
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corals, (ii) Plants - calcareous red algae (eg. Lithothamnium). The warm-
vater association may include most of the above mentioned components but
differs in that:- (i) it always contains significant contributions from corals
and/or calcareous green algae (eg. Halimeda); (ii) barnacles never contribute
measurably to the sediments, and (iii) bryozoans are rarely more than minor

constituents.

These associations of skeletal grains have therefore been termed,
CHLOROZOAN  (Chlorophyla + Zoanthoria) for the warm-water group, and FORAMOL
(Foraminifera +  Molluscs) for the other association. The predicted
distributions of these two associations are shown in Figure 1.3. The non-
skeletal grains were classified as pellets, ooliths, and aggregates (ex.
grapestone). The majority of pellet records occupied the chlorozoan
association in areas bordering the chlorozoan/foramol boundary. The other
non-skeletal grains are largely restricted to areas with chlorozoan sediments.
The predicted distribution of the non-skeletal grain associations is shown in
Figure 1.4, It should be noted that Figures 1.3 and 1.4 have been prepared
from direct sampling in limited areas., together with salinity and temperature
data (thought to be the major contributing factors, Lees (1975)). They should
therefore only be viewed as tentative predictions to a depth of about 100m,
due to the unknown effects of other environmental conditions which may

prevail.

Until recently, little was known about carbonate sediments from shallow
temperate waters. However, 1t is now evident that they do occur along many
vestern coastal regions 1in the Northern Hemisphere, generally in isolated
patches scattered amongst the predominantly terrigenous sediments, (sometimes
referred to as ’'neritic’ deposits). Documentation exists for deposits in
Norway, Isle of Skye, Scotland, Brittany, S. Cornwall, and the west coast of

Ireland, (Wilson (1979), Lees et al. (1969), Lees, (1975), Boillot et al.
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(1971), Buller, (1969)). These deposits are discussed in more detail in

section 2.1.

Diagenesis and lithification include processes which convert sediment
into rock. They are of special importance when studying carbonate sediments
because of the ease with which they modify the texture, structure and
composition of the original sediment. The onset of diagenesis is often
difficult to define in a carbonate sediment and an understanding of the
mineralogy of the sediments must be gained in order to grasp the inherent
processes. In Recent and Subrecent sediments, two calcium carbonate minerals
predominate: aragonite (orthorhombic) and calcite (trigonal). The mineralogy
of a modern carbonate sediment depends largely on the skeletal and non
skeletal grains present. Carbonate skeletons of organisms have a specific
mineralogy or mixture of mineralogies and during diagenesis, these
mineralogies may be altered or replaced, in particular aragonite, being

metastable, is invariably replacad by calcite.

Diagenesis of a carbonate sediment to a limestone rock is often referred
to as 1isochemical when there 1is no major change in the chemistry of the
sediment, and allochemical when chemical changes are involved. The principal
diagenetic isochemical processes taking place are cementation and neomorphism,
and allochemical changes of dolomitisation and silicification. The process of

cementation is of particular interest to the geotechnical engineer.

Until the 1950’s it was tacitly assumed that carbonate sediments could
only wultimately be converted into limestones through burial. It was then
realised that Recent and Pleistocene carbonate sediments were being cemented
through contact with fresh, meteoric waters (water which penetrates the rocks
from above -~ rain, dew, snow, rivers and streams) and so cementation through

uplift became the accepted process. Discoveries in the 1960’s of cemented
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sediments on the sea floor in shallowv and deep waters (areas which are now
receiving some geotechnical exposure eg. Arabian Gulf, Australia, Brazil,
Florida, India), showed that neither burial nor uplift was necessary, and that
simultaneous sedimentation/cementation was occurring. More recently cores
through pelagic carbonates from the ocean floors have demonstrated cementation
wvith increasing depth of burial. The process of cementation is therefore very
much environment controlled and no single hypothesis can explain the process.

There are thought to be five main types of cementation process:-

(i) meteoric cementation,
(ii) intertidal zone cementation producing cemented beach sands known
as beach rock,

(ii1) shallow subtidal cementation to produce surface crusts, (sometimes
termed "hardrock’ or ‘caprock’). This process is well documented
for the Arabian Gulf and has featured in a number of geotechnical
papers (Shin (1969), Broadhead (1970), Dennis (1976)),

(iv) deep water cementation,

(v) burial diagenesis through pressure solution,

Having  discussed the formation, diagenesis and lithification of

calcareous soils, where are the divisions drawn between sediment type, and

wvhat descriptive nomenclature has been developed for each?

1.2.2 Classification systems

Geologists and geotechnical engineers, whilst dealing with the same
material, often require different classification systems. In general the
geotechnical engineer will need to categorize to a greater extent on the basis
of engineering properties. It is therefore often the case that an original

geologically derived «classification will be subdivided by an engineer to
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produce a system suitable to his/her requirements. This is the case with

carbonate sediments.

Generally sedimentologists need to classify the visible limestones of
today 1in order to construct facies models for present carbonate sediments and
to understand ancient limestone formations. While the late 1950’s witnessed
many advances 1in the facies approach there was still no satisfactory
classification. Grabau (1913) introduced the twofold grain-size terms
calcirudite, <calcarenite, calcisiltite and calcilutite, and these terms are
still in common useage. Pettijohn (1957) simply divided limestones into
allochthonous, autochthonous, biohermal, and biostromal, but the subtleties of
differentiating between limestone types was not possible before Folk’s (1959)
paper on petrographic classification was published. The Folk classification,
wvas later restated by Ham (1962) which gives the major classification in
common contemporary usage, that of Dunham (1962) whose prime concern was the
nature of the grain-support. The present classification system for limestones

is shown in Figure 1.5.

This terminology 1is of limited use to the geotechnical engineer as it
gives very litrtle indication of engineering behaviour. Fookes and Higginbottom
(1975) were perhaps the first to attempt classification of carbonate soils
from an engineering viewpoint, largely derived from Pettijohn (1957). They
chose grain size and post-depositional induration (cementation) as the main
parameters of engineering significance, but also recognised the possible

importance of other factors such as mineral composition, origin and strength.

Clark and Walker (1977) rationalized and ewxpanded the previous scheme to
include the range of mixed carbonate and non-carbonate materials which they
encountered in the Middle Eastern sedimentary rocks. Their scheme is shown in

Figure 1.6. The three main classification parameters are grainsize, carbonate
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content, and degree of induration. They also emphasized the use of Grabau's
original grain size terms, calcirudite, calcarenite, calcisiltite, and
calcilutite, and the importance of the carbonate content (%) which was

beginning to become apparent.

King et al. (1980) developed a site specific system for the
classification of carbonate sediments for the North Rankin, North VWest
Australian Shelf project based on Clark and Walker’s system. The system
incorporates modifications in bhoth the grain size, description, and evaluation
of induration/cementation, CPT data being used as an indicator for the latter.
The basis of the classification is shown in Figure 1.7 and is only applicable
to sediments with 90-100% carbonate content. The main components of the
modified system are derived from visual description by microscope, grain size
analysis and cone resistance data. Full «classification of a carbonate

sediment involves the items shown in Table 1.1.

This system certainly goes someway to providing a description and
classification of <carbonate sediments which will satisfactorily reflect the
engineering behaviour of a sediment. However, Datta et al. (1982) illustrate
that the type of <carbonate material can significantly influence both the
magnitude of crushing under stress and the degree of cementation, and both
factors wvary over a wide range and can have a markedly different influence on
engineering behaviour. They illustrated that there is as yet no method of
readily identifying and quantitatively expressing the degree or the uniformity

of cementation. Table 1.2 illustrates their proposed systems of description.

In terms of practical application it is felt that use of the King et al.
classification system should be continued, but that every opportunity should
be taken to obtain information on the exact nature of the carbonate material

being sampled or tested in line with Datta et al.’s recommendations.
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Table 1.1
i. Graxnsize c¢f Main fractiom fine/medium/coarse
0. Name see classificaz:ion ciagrar
3a. Decree of incurazicn very softssofz/Zrrm/stiii/very stifi/hard/
{£ine grzined Jdeposits) waak /mod.weak /mod.STIong/sLIong/extr.strong
3c. Dec:ee-of cementaticn uncemented/very weakly cemented/weakly
(médlum—coarse grained deposits) cemented/firmly cemented/well cemented/hard
cemented
4, Beddineg and lamination thinly laminated/laminated/thinly bedded/
- medium bedded/thickly bedded .
3. Oricin of carbonate bioclastic/clastic/oolitic/reefoidal
(medium-coarse grained deposits)
5. Cclour Munsell soll colour charts
7 Minar frac=ions clean/with some/muddy/silty/sandy/gravelly

Description of

Remarks

1. Cementation
(g} No cementation
(b) Weak cementation
{¢) Strong cementation
(i) uniform

(i} partial

and Plasticity
(¢} Grain size distribution

(&) Plasticity

3. Nature of Carbonate
Component
(4) Curbonate content

{(b) Particle size of carbonate
material

{¢) Particle characteristics
and ongin

(d) Mineralogy
(¢) Geologic name

4. Nature of Noncarbonate
Component

(¢) Particle size
(b) Particle characteristics
(c) Mineralogy

2. Grain Size Distnbution (GSD)

the soil has a soft rock-like appearance. Unconfined com-
pressive strength should be indicated
the soil contains cemented aggregates—this should be noted

for strongly cemented soils. GSD is not very relevant: for
uniform cementation. size of constituent purticles should
be indicated: for pantial cementation. GSD of soil after
removing aggregates should be indicated and size and
proportion of aggregates noted separately

for fine-grained suils in which intraparticie voids cause error
in GSD and Atterberg limits, field classification pro-
cedures may be used for providing the relevant informa-
tion in a qualitative sense

soils having more than J0% carbonate content should be
termed as carbonate soils

the carbonate content in the sand and in the silt-clay frac-
tions should be determined separately and indicated.
Microscopic studies mentioned below will also give infor-
mation about particle size

microscopic  studies—optical microscope for sands and
scanning electron microscope for fine-grained  soils—
should be conducted. Presence of thin-walted material
and intraparticle voids should be hightighted

X-ray diffraction analysis should be performed

if possible to identify, the geologic name may be indicated

information on noncarbonate material is determined by
dissolving the carbonate material in HCI, separating the
remaining soil, and conducting the following tests on it

grain size distribution analysis

microscopic studies

X-ray diffraction analysis
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1.3 Review of engineering behaviour

It 1is not 1intended to discuss in detail the mechanical behaviour of

calcareous soils, as such details are not vet clearly established, nor was the

primary aim of this research to establish such behaviour. However, certain
behavioural characteristics have been identified, and these will be
highlighted. It is convenient to discuss these characteristics separately for

uncemented and cemented deposits.

1.3.1 Uncemented deposits

Laboratory investigations on the behaviour of uncemented deposits
(primarily carbonate sands) have bheen directed towards the evaluation of shear
strength and deformation properties.

Datta et al. (1979, 1979a, 1981, 1982) conducted extensive studies on
four carbonate sands of skeletal origin from the west coast of India, all
having a calcium carbonate content greater than 85%, and gradings ranging from
coarse to fine sand. In order to investigate the stress-strain-volume change
behaviour, together with the extent of sand crushing, a series of consolidated
drained friaxial tests were performed at low and elevated (6280 kPa) cell

pressures.

The results, when defined in terms of the peak effective stress ratio
show the angle of shearing resistance decreasing with increasing confining
pressure. Datta et al. (1979) attribute this decrease to the effects of
particle crushing and found the following empirical relationship between the

degree of particle crushing and the decrease in angle of shearing resistance.
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where K = maximum principal effective stress ratio
K,= K corresponding to no crushing, i.e. EC: 1

EC: crushing coefficient, defined as

% particles finer than D,, of original soil after stress application

% particles finer than D,, of original soil i.e. 10
Values of EC up to 7.0 were measured for soils subjected to high
confining pressure and then tailed in drained triaxial compression. The tests
also showed that increased crushing altered the behaviour from that of a
dilatant brittle material to a more plastic material, exhibiting volume

reduction during shear, as illustrated in Figure 1.8.

Datta et al.’s investigation revealed the importance of particle crushing
and concluded that crushing increases with: increasing confining pressure,
application of shear stress, increasing abundance of intraparticle voids and
plate- like shell fragments, increasing angularity of particles, increasing

size of particles, and decrease in mineral hardness.

Poulos et al. (1982) recognised the need for further data on strength and
deformation properties of carbonate soils in order to understand more fully
their behaviour under both static and c¢yclic loading. Motivated by the
offshore exploration off the southevn coast of Australia, they presented the
results of a series of static laboratory tests carried out on two types of
carbonate sand of hiogenic origin from Bass Strait, Australia (sand A & B).
The tests included drained triaxial compression tests, direct shear tests,
hydrostatic consolidation tests, K, consolidation tests and oedometer tests.
The tests were carried out on reconstituted samples so that the effects of any
cementation which may have been present in the in-situ soil were not accounted

for.



Vhen tested under drained conditions in the triaxial apparatus; faiiure
was defined 1in terms of the maximum principal stress difference, znd the
corresponding angle of shearing resistance ¢ was found to decrease with
increasing confining pressure, as noted by Datta et al.. Also in line with
Datta et al.’s findings, Figure 1.9 shows that as the confining pressure
increases the soil behaviour changes from that of a dilatant brittle material

to that of a more plastic material, exhibiting volume reduction during shear.

Following the triaxial tests, changes in grading due to particle rrushing
were 1investigated, and the coefficient Ec as defined by Datta et zl was
evaluated. For soil B a value of 1.6 was found but soil A did nct show
measurable crushing, this being attributed to the fact that the sci. wiz re-

used several times for a number of tests.

In evaluating deformation properties values of drained Young’s modnius B
and drained Poisson’s ratio Vv (corresponding to a deviator stre.: i 50%
ultimate) were obtained from the triaxial tests. Both E’ and v/ were "-und to

vary linearly with consolidation pressure.

Six conventional oedometer tests were performed, and for the sv:¢0. “anpe
69 - 552 kPa the values of the compression index Cc tfall within the range 0.09
to 0.14, which 1is considerably more compressible than normal silic: sands

Eight tests on sand A were carried out in the K, test apparatuc .. ydrey

University, resulting in a range of K, values of 0.16 - 0.41.

Conclusions are drawn by Poulos et al. that the tested carbor- = 30iis
are: susceptible to crushing at relatively low stress levels, have ...
Young’s modulus and Poisson’s ratio which wvary linearly with z:nfining
pressure in the triaxial apparatus, and are significantly more comp-essible

than normal silica sands.
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Due to the extremely variable nature of the calcareous soils at the North
Rankin gas exploration site the sediments have been tested extensively (o
evaluate  appropriate  geomechanical properties. Unfortunately, the vast
majority of the data remains unreported in the open literature, but the author
has been given access to the files of B.P. International, and some :f fhae data
presented are drawn from such files. However, the results presented 4o not
attempt to constitute a full review of the extensive testing programmes

undertaken.

The early design philosophy applied to the North Rankin platform directed
the 1investigations to the upper stratum carbonate sands and silts. Damesn and
Moore (1974) measured unit weights of 10.5 to 15.4 kN/m3 with voud s or
the range 1.4 to 0.75. Specific gravity was quoted at an average valuc- of 7 67
with calcium carbonate content varying from 88% to 99%. Triaxial zhear and
direct shear results indicated angles of friction of approximately iy This
angle was found to reduce with 1increasing confining pressure, ouf o

quantitative data were given.

Fugro carried out investigations in 1978 and 1981, and

o

reviews the extensive laboratory tests undertaken. These ‘i S gied
classification tests, oedometer tests, and various triaxial tests Qed:mctier
tests indicated slightly overconsolidated to normally consolidated z-:ls  wiir

the compression index CC ranging from 0.21 to 0.73. Consolidate.
undrained triaxial ‘tests gave effective angles of shearing resisturnce .n the

o] o
range 33 to 44 .

The following points become apparent from a review of the Iz-. - v « 1k

previously performed on uncemented deposits:
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(1)

(ii)

(iii)

hardness of grains - even though the angle of shearing resistance
of carbonate sand is in the same range as that of silica sands. the
difference 1in values for the hardness of the principal minerals (7
for silica, 3 for calcite) could explain the weaker behaviour of
carbonate sands. This is characterized by the changing of its grain
size distribution under stress, and has been quantified by Datta et

al. (1979) by a crushing coefficient Ec , which in itself is

related to a number of parameters.

compressibility - the compressibility of a carbonate sand is the
result of four mechanisms (Nauroy and Le Tirant, 1983):-
- elastic deformation of the materials,
- re-arrangement of the grains,

crushing of the grains,
- breakdown of cementation bonds (when they exist).
The first two mechanisms are common to all granular materials, the
last two ave important for carbonate sands. Their compressibility
and long term creep vate have been shown to be significantly

greater than those of silica sands.

Void ratio / porosity not only is the void ratio of carbonate
sands larger than for silica sands, but also the presence of
intraparticle wvoids, in addition to interparticle voids, plays an
important vrole. Voids internal to the particles mean that their
breakdown will always be accompanied by a net decrease in volume,
and this has been illustrated by Datta et al. (1979) and Poulos et

al. (1982).



1.3.2 Cemented deposits

WVell known and documented calcareous rocks are chalk and limesutone.
Unfortunately, the diagenetic processes which control lithification are
complex and lead to the weak cementation and variable stratification presently
encountered in cemented calcareous soils, this consequently avsids &

comparison with the fully lithified chalk and limestone rocks.

Many authors have reported the occurrence of cemented horizons withirn an
otherwise uncemented sand or silt. The engineering behaviour of such sediments
has not, however, been so well reported, primarily due to the difficuliy in
obtaining representative samples from the weakly cemented strata due to sample

disturbance.

Again the North Rankin site provides the most comprehensive data
available on the strength and deformation properties of cemented cartunate
sands. Figure 1.10 presents the results of five ocedometer tests perfoimed on
specimens from generally well cemented layers. These tests show similar

compression indices (CC = 0.25 - 0.58) to the carbonate sand even though the

void ratios quoted are substantially less. Interestingly, the apparent pre-
consolidation pressure is of the order 2 to 5 MPa, and well above the in-situ
effective stress, 0.5 MPa. Such behaviour has been previously reported by
Miller and Richards (1969) who found the apparent pre-consolidation gressure
of a calcareous ooze core from the Bahamas to be sixty times greater than the
in-situ effective stress (o&), 0.5 MPa. This difference was attributed to
cementation occurring in place, and Miller and Richards suggest that

consolidation test results should be interpreted with caution £cr such

materials.
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Strength tests 1in the form of wuniaxial wunconfined compression and
consolidated drained triaxial tests were performed on the North Rankin cores
by Fugro (1981). For the uniaxial compression tests most of the stress-strain
curves have sharp peaks and show the post peak strain softening associated
vith brittle fracture. Howvever, some curves have unusual shapes and the
sketches of the test specimens after testing show an unusual range of fracture

planes.

For the series of consolidated drained triaxial compression tests
specimens wvere consolidated under isotropic pressures of 0.5 and 1.0 times the
estimated mean in-situ effective stress. The specimens exhibited a variety of
failure modes including the formation of a single shear plane,
ductile bulging, tilting and/or c¢rushing at the ends. and the formation of
sub-horizontal fracture surfaces or zones. Fugro (1981) plot the results in
terms of Mohr’s circles and conclude that the cemented <and should be treated
as a layered material with the less well cemented layers behaving as ¢ - ¢

soils.

Brown (1984) has studied the laboratory data frem the North Rankin field
and makes the following conclusions on the strength and deformation behaviour

of the cemented sand, classified 2s calcarenite :-

(a) the calcarenite 1is a weak, high povosity rock composed of a self
supporting framewvork of uniform grain sized clastic and bioclastic
material.

(b) the degree of cementing varies with depth, bur is not related to

depth of burial.
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(c) if the calcarenite 1is treated as a <single layer with uniform

properties, drained strenpth and modulus values of ¢’ = 400 kPa, o’

o}

= 35 , unconfined strength Ofe = 1.5 MPa, and E/ = 150 MPa could be

used.
(d) if the calcarenite 1is treated as a layered material, suitable
drained strength and modulus parameters would be; ¢’ = 1.0 MPa, ¢’

o
-

= 35, Op. = 3.8 MPa, E’ = 350 MPa for the stronger layers, and c’

o
= 100 kPa, ¢’ = 35, 9e. 0.38 MPa and E’ = 100 MPa for the weaker
layers.
(e) in the ocdometer test, specimens of well cemented calcarenite

exhibited an apparent pre-consolidation pressure, generally of 2 -
3 MPa, above which compressibility increased considerably. This
phenomenon is probably associated with failure of the cementing
between the grains, and progressive collapse of the open pore

structure, causing volume decrease during shear.

In the early 1980's the pile design concept for the North Rankin platform
changed from friction piles to end bearing piles, with maximum end bearing
mobilised from the cemented layers. This change resulted in numerous triaxial,
shear, model pile and grouted section tests by several organisations

throughout Australia.

The triaxial and shear tests conducted are extensive and provide valuable
comparative and calibration data for the detailed numerical wmodelling
undertaken. It 1is not proposed to teview such data, as it is felt that the
characteristic behaviour of the material has alveady been conveyed, and any
analysis of such results will in itself be subjecrive. The model tests carried

out will be discussed in section 1.4.
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Studies of the microstructural tabric of the undisturbed calcarenites and
the changes to those fabrics induced by the laboratory tests detailed above
will be presented, as they are of divect application to the investigation area

of this dissertation, and will be referred to in subsequent sections.

By studying thin sections of both the undisturbed calcarenites and fested
samples, Price (1985) describes the fabrics of rhe undisturbed calcarenites,
in particular the components which are significant to mechanical performance,
and the pronounced changes which occurred to those fabrics during the

laboratory tests.

The deformation fabrics were categorised into two types :-

(i) fabrics characterised by counsolidation and vrepacking of the
ortginal grains into denser arrvangements, with the consequent
closure of open vpores. A moderate degree of grain fracturing wvas
involved and this produced a wide range of fragment sizes. The
broken grains and fragments were tightly pressed together with only
a little fine ground matrix, so rthat continued deformation would
involve considerable grain interaction. This type of fabric was
described as a high particle density breccia.

(ii) fabrics characterised by relative shear displacement between
grains, the disintegration of carbonate pellets and most of the
shells and chell {ragments, and the formation of an abundant matrix
of wvery small carbonate granules. This matrix  surrounded and
separated the {ewv remaining large grain fragments such that further
deformation would not involve grain interaction but would be
lubricated by the matrix. This fabric was described as a low

particle density breccia.



Price (1985) proposes that during the tests conducted, one or both of
these fabric types were developed in different regions of the tested
specimens, and concludes that these two types of fabric have characteristicly
different stress-strain vresponses and govern the performance of the bulk
calcarenite specimens during the test. The consolidation type fabric results
in a strain hardening response after yield, and the shear type fabric results

in a strain softening response after yield.

1.4 Previous model testing and applied research

Over the last few ye2ars theore has been a dramatic increase in research
activity 1in the area of calcareous soils; this of course has been driven by
the many problems encountered in offshore pile installation in such soils.
Much of this research has been directed at the pile scil 1interface
characteristics in order to understand the very low skin friction values which
have been observed. The end bearing problem has so far received limited
exposure primarily due Lo the difficulty in obtaining consistent,
representative and vepeatable test samples, and the difficulty in producing
artificial material. It is however beneficial briefly to review the research
on side friction to appreciate the techniques employed, but specific details

will not be discussed.

Research has primarily been carried out using three techniques:

(i) laboratory scale models (approx. 1:100 scale) tested in either a modified
triaxial cell or a purpose built testing chamber. Dames and Moore (1974)
and Fugro (1981) wused such techniques for the North Rankin materials.
Nauroy and Le Tirant (1983) carried out tests to link the compressibility
of calcareous sand with bearing capacity parameters. Poulos (1984)
investigated the cyclic degradation of pile performance for Bass Strait,

Australian carbonate sands. Ertec Western Inc. (1983) studied the effects
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of grain crushing on the engineering behaviour of calcareous sediments,
and Lu (1986) used similar apparatus fer an investipgatrion with an

instrumented pile.

(ii) laboratory shear tests to understand the pile/soil/(grout) interface
characteristics. Such tests have been discussed by Agarwal et al. (1977),
Datta et al. (1981), Dutt et al. (1986), but perhaps the most revealing
are tests by Noorany (1985) who found that no change was evident in the
friction angles and average soil-steel friction angles when testing
highly crushed or uncrushed calcareous sand. This 1illustrates an
important aspect vhich 1is consistently revealed 1in the previous
literature i.e. the low skin friction of steel piles driven in calcareous
sands is caused by low effective soil-pile interface stresses rather than

small soil-pile friction angles.

(iii)Field performance observations have been conducted using different scale
models to assess skin friction or grout adhesion values. Details of such
tests for calcareous soils have been presented by Angemeer et al. (1973),
Fugro (1981), Dutt and Cheng (1984), Nauroy and Le Tirant (1985) and

Withers et al.(1986).

More applicable to the end bearing behaviour in layered calcareous soils

are tests performed by Poulos et al.(1984) and Jewell (1985a,b).

Poulos et al. describe a series of model footing tests (25 mm diameter)
on calcareous and silica sands carried out in a stress controlled testing
chamber. Despite the high angle of internal friction of the calcareous sand,
they found the bearing capacity to be significantly less than that of silica
sand. They attribute this difference to the compressive plastic volume strain

of the calcareous sand even at low confining stresses, which contrasts with
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the dilatant plastic volume strain in the silica sand. Conventional bearing
capacity theories were found seriouslv to overestimate the hearing capacitv on
calcareous sands, but reasonable predictions were provided by spherical cavity
expansion theories which take into account the vaviation of friction angle and
plastic volume strain with mean normal stress. The application of such

theories will be discussed in Chapter 5.

As part of the North Rankin investigations a series of model pile and rod
index tests were carvied out at the University of Western Australia and
reported by Jewell (1985a,b).Some of these results provide comparative data

for the model tests which will be presented in this thesis.

A series of model pile tests were carried out, with one of these series
becoming standardised as the Rod Index Test (RIT). The =amples used in each
series were obtained from coring operations at the North Rankin platform, and
consisted of cemented carbonate sand (calcarenite). Two types of model pile
vere used, a closed and open end, and this review will be restricted to the 16

mm diameter closed end model pile.

The first series of tests consisted of drilling a 19 mm diameter by 35 mm
deep hole through the centre of an 83 mm diameter by 160 mm long core sample,
and positioning this sample 1in a triaxial cell. The model pile was lowered
into the preformed hole and the cell pressure raised to 500 kPa. The pile was
then jacked into the sample at a constant rate of displaccment, with load and
penetration bheing constantly monitored. Different samples were penetrated to
different depths, with the samples retained for micro-fabric analysis. The
resulting load-displacement plots are presented in Jewell (1983a) who
concludes that the response is irregulai, and observed oscillations are due to
build up of end resistance folloved by <sudden decrease, probably due to

particle crushing or breakdown of cementation.
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Whilst the primary aim of the model tests was of a qualitative nature, it
vas felt that useful quantitative infeormation could be obtained. The need for
such data was due to the inconsistency of the uniaxial compressive strength in
providing a satisfactory strength measurement for the North Rankin
calcarenites. The RIT was established to provide a more satisfactory strength

measurement.

Test samples were prepared by cutting sections of the 83 mm diameter core
to a length of 120 mm and grouting these sections into a 130 mm long PVC tube.
After the grour had set a 19 mm diameter hole was drilled into the centre of
the core and a guide tube inserted into this hole. The base of the hole was
cleaned and the sample placed between the top and bottom platens of a loading

frame as illustrated in Figure 1.11.

Testing was conducted at a constant rate of displacement of 0.5 mm per
minute, and taken to a displacement of 16 mm (if possible) i.e. a
displacement/diameter vratio of 1.0, After testing the sample was oven dried
and cut down the centre to reveal the <shape and extent of the sample
deformation. The primary results from rhese series theretore include the load-
deformation curves and the visual assessment of rthe split sample after

testing.

Jewell considered that most of the curves could be characterised by three
linear phases, each of decreacing stiffness, and representing elastic,
crushing and particle reariangement tresponses. These were defined as the three
stages of "crush up" and are illustrvarced in Figure 1,120 In order to classify

the calcarenite, loads at a 1od penctration of 8 mm (desipnated as ”P8”) have

been adopted as the strength criterion.



From an inspection of the samples split after testing, Jewell (1985b)
suggested that the compression =zones could be classified into five types.
However, further detailed study of the fabric changes by Price (1985a)
revealed only two characteristic shapes; one a spherical shaped bulb, and the
other a vertically elongated bulb, both illustrated in Figure 1.13. Such
fabric studies have been previously discussed, and these two characteristic
shapes correspond to the consolidation and shear mechanisms previously

identified.

The Rod Index Test vresults and "P8" values will be referred to in

subsequent chapters.

1.5 Existing design practice

The design of piled foundations for calcareous soils is at present
empirical and does not conform easily to the guidelines established for silica

based marine soils.

It is not proposed tc <tatz rthe design metheds presentlv applied to
calcareous soil as these are comprehensively presented by Datta et al. (1980)
and Poulos (1985), and simply use reduced values of limiting unit skin
friction and end bearing in relation to values used for the design of piles in
non calcareous soils. Further discussions on the applicability of static

design methods will be presented in subsequent chapters.

Attempts have been made tc relate in-situ test results to pile behaviour.
The simplest of in-situ tools. the SPT hammer, has been used by Hagenaar
(1982) and Puyuelo et al. (1983), wvho conclude that the results can be
misleading, and substantiation of interpretation is required in the form of

full scale pile load tests. Stevenson and Thomas (1978) have used instrumented
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piles to facilitate prediction by wave equation methods, and report limited

success, but Dutt and Teferva (1986) claim good results from such techniques.

Extensive investigations have been conducted off the Australian coast,
originally 1in the south east at Bass Strait, and reported by Angemeer et al.
(1973) and Withers et al. (1986), and at the North Rankin platform, Dames and
Moore (1978) and Fugro (1978. 1981). The devices used have been: the cone
penetrometer, instrumented piles, pressuremeter, and specialised in-situ tests
such as pull out tests on small scale piles and down hole plate bearing tests.
These tests have been assessed by; Poulos (1981, 1982, 1983), Poskitt (1983),
Houlsby and VWroth (1983), Parrvy (1983) and Brown (1984). The conclusions are

varied and must reflect the difficulty of interpretation in such deposits.

The design of piles in cemented strata appears to be based more on local
experience and judgement vrather than on geotechnical theory. However,
literature reports are available for drilled and grouted piles, Fuller (1979),
Settgast (1980) and Abbs and Needham (1985). Also the design of socketed piles
in weak rock is theoretically well advanced, Williams et al. (1980) provide a

ood summar and here the trend is towards "rock mechanics" type solutions.
Y R

Bearing in mind the limited knowledge of pile behaviour in uncemented
and cemented strata, the added effect of strata thickness introduces
additional complexities and doubt +to 1the solutions. It is the aim of this

research to identify appropriate solutions for such layered problems.

Possible failure mechanisms for a layered system include punch through,
flexural or indentation failure mechanisms. It is not proposed to start with a
discussion of such mechanisms but to present the test results and then apply

appropriate theories to the actual mechanisms identified.



1.6 Summary

In this chapter the background to the research has been discussed. 1t was
necessary to discuss the sedimentology of calcareous soils as they present a
relatively nev material to the geotechnical engineer. The vreview has
highlighted some of the fundamental characteristics applicable to calcareous
soils, and how such characteristics are transformed into design concepts by
the use of model tests and applied research. A brief review of relevant
engineering practice was presented, reflecting the present indefinite state of

design methods for calcareous soils.



CHAPTER 2 CALCAREOUS SOILS USED FOR MODEL TESTS

2.1 Carbonate sand

The previous chapter has illustrated the unique nature of calcareous soils
in terms of their physical and mechanical characteristics. These special
characteristics preclude the use of fabricated calcareous soils such as
crushed chalk or limestone. It was therefore considered essential to obtain
'real’ calcareous materials. It is unfortunately not economically possible to
obtain a sufficiently large amount of calcareous material from an offshore
site where in-situ 1investigations have been carried out, therefore a real
surrogate material was required. The material had to exhibit the essential
characteristics of the in-situ materials observed, and be able to be obtained

economically and in bulk quantity.

In view of the vast amount of geotechnical data obtained for the North
Rankin site in Western Australia, it was considered prudent to try and produce
materials comparable with those of the North Rankin site. However, no samples
were available for examination, therefore, the site information was based on
the Dames and Moore (1974) and Fugro (1978) foundation investigations,
together with the analysis of sea bottom sediments performed by Woodside
Petroleum Development Pty. Ltd (1979). This included petrological
examination of thin sections using scanning electron microscope techniques

(SEM), washed sample descriptions, and paleocecology.

Details of these studies are discussed by Evans (1985), and in terms of
the terminology introduced in Chapter 1 the deposits can simply be classified
as 'FORAMOL’ type, with limited algae, and an abundance of benthonic deposits,

particularly foraminifera, and exhibiting varying degrees of cementation.

]
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Calcium carbonate content was generally in excess of 90%, and grain size
distribution tended from silty sand for the uncemented deposits to #ire/medium
sand for the cemented deposits. It was decided to search for an uncemented
carbonate sand, and then investigate controlled laboratory cementation to
produce indurated samples of known and repeatable strength properties. rather

than try to identify field cemented samples.

The fact that the North Rankin deposits tend to the 'FORAMOL- “voe grain
association fortunately allows consideration of the northern hemicnhere
carbonates. In order to assess the compatibility of any sand cype the
following criteria were applied:-

(1) Calcium carbonate content - must be of the order of 90% ‘oeveoivation oF

this property is discussed in Chapter 3).

(ii) Particle size distribution - the sand must be of fine gradaizon,
D50 < 0.5 mm.
(iii) The micro-organism compilation must be of a similar natur:- o “hat of

North Rankin.

Within an economically viable circumference, the follow:, o

[8

were considered, and samples obtained for evaluation where possiblic

(a) Brittany, France - Nauroy and Le Tirant (1983) carried ou:
in calcareous soils. They were contacted and it was confiveme.
sand types used were readily accessible beach and quarry deposits from
the Northern Brittany region.

bh) Falmouth Bay, Cornwall - certain types of carbonate deposits - . ..
fertilizers, and via the Ministry of Agriculture Fisherie. -~ o
established that a Cornish firm, ’Cornish Calcified Seaweed - - TR

dredged such carbonate deposits from Falmouth Bay, and samg.=: <~ - =el

2-2



(c) Dogs Bay, Connemara, W. Ireland - extensive research on the
sedimentology of carbonate deposits of the Connemara region had been
carried out at Reading University, [Buller (1969), Scott (1970),
Gunatilaka (1972), Bosence (1976)]. Dr. Bosence, now at Goldsmith
College, University of London, is continuing this study and was able to
relate accurately the various sand types of the region, and provide a
sample of Dogs Bay sand.

(d) Red Crag complex, Suffolk - details were established of this complex,

Boatman (1976), the site visited and samples taken.

The sands were tested, and the compatibility criteria established, the

results of which are summarized in Table 2.1.

Table 2.1
Sand Type Test
CacCo, Grade DSO(mm) Micro Organisms
Brittany 90 Coarse 0.8 Shelly (Bryozoan)
Falmouth Bay 95 Medium 0.5 Algal
Dogs Bay 90 Fine 0.2 Mollusc, Forams
Red Crag 50 Mcdium 0.4 Shelly sand

The Dogs Bay material was chosen as the surrogate carbonate sand.

2.1.1 Dogs Bay, Connemara, W. Treland

Extensive deposits of present day shallow-water biogenic carbonate
sediments occur along the Connemara coast on the Atlantic seaboard of Western
Ireland (Figure 2.1). Patch sands, shells and gravels occur in exposed areas,
extensive spreads of sand occur in less exposed areas and muds are found in

the shelter of islands, headlands and narrow inlets (Figure 2.2).

(3]
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In order for the carbonate deposits to exist there must be as little
admixed terrigenous clastic sediment as possible and the rate of carbonate
sedimentation must be greater than the accumulation of terrigenous material
(i.e. dilution by clastics should be small). For the Connemara coastline the
rocks are mainly metamorphic and igneous, relief is low and there are no major
rivers. Thus, the hard coastal rocks provide little or no clastic detritus,
and riverine contributions are slight. Some Pleistocene glacial boulder clays
outcrop along the coast, and although many are being actively eroded by the
sea, their «clastic contribution attains only local, rather than regional
dominance, and certainly have no major input into Dogs Bay (Plates 2.1 to

2.3).

The degree of shelter provided by the coastline is reflected in the grain
size and biogenic composition of the sediments. The sediments in the exposed
area contain much c¢oarse barnacle and mollusc detritus, where as in more
protected areas such as that of Dogs Bay the fine sands contain smaller and
lighter biogenic components (ex. Foraminifera, echinoderm, and bryozoan
fragments). The beach at Dogs Bay is some 400m long and backed by dunes 5-10m
high. A slight platform is created at the high tide mark, with some evidence
of cementation. The beach drops gently away from the dunes into a calm

protected bay (Plate 2.2).

Permission to vremove sand was obtained from the Irish Agricultural
Department, and 2.5 tonnes were transported to the Oxford Soil Mechanics
laboratory in January 1985. The sand gradation varied across the beach, with

the finer material being extracted from the location shown in Plate 2.2



2.2 Cemented carbonate sand

Some aspects of the diagenetic and 1lithification process have been
presented in Chapter 1. The main interest is that of cementation, which is
seen as a process by which calcium carbonate precipitates in the form of an
interparticle cement, bonding the sand into a cemented mass. The true naiure
and control of this precipitation is not yet wunderstood fully by

sedimentologists, and is the subject of research.

Present areas of research are looking at the physico-chemical processes
which control diagenesis and involve variable parameters of pressure,
temperature and time. In a geotechnical context Poulos et al. (1Su7 wmade
some attempts to promote cementation of a carbonate sand by leaving samples in
the oedometer under stress in the presence of;

(1) a supersaturated solution of <calcium carbonate for a pericd ot ten
weeks,

(ii) a lime rich solution for four weeks,

(iii) the sample was mixed with 6% cement and left under stress for tfour
wveeks.

Only the cement treated sample showed signs of cementation.

Also Ertec VWestern Iné.(1983) used 0.5 to 2 % ordinary portland cemeni mixed

with carbonate sand and water, and cured for 3 to 7 days to produce weakly

cemented samples.

Therefore, in order to produce controlled, consistent and repeziable
cemented carbonate sand strengths, in a timescale suitable for this
geotechnical study the material was formulated on the basis of mix.ng the
carbonate sand with a cementing agent to promote artificial cementeziron. A

number of criteria was established for this cementing agent:



(1) the amount of cement introduced into the so0il matrix would be
comparable to in-situ values (5-50%) i.e. to give similar porosity,

(ii) the strength and deformation properties of the cemented material
formed must be similar to that of the in-situ material,

(iii) rapid curing to enahle testing in the shortest possible time,

(iv) good workability to facilitate placement and production of high

quality models.

Stimpson (1970), Barton (1970) and Sabins and White (1967) have discussed
a number of materials used in rock mechanics studies, leading to a number of
possible cementing agents being investigated i.e. portland cement, engineering

plasters and casting plasters.

The process of gsample preparation simply involved the dry mixing of
controlled quantities of carbonate sand and cementing agent, and when
thoroughly mixed introducing a specific amount of water and remixing. The
fluid mix can then be introduced into a sample former and cured for a defined

period to produce a cemenrted material of specified strength.

Portland cements were found to take between seven and fourteen davs to
develop the correct strength characteristics, whereas suitable strengths could
be achieved in twenty four hours using gypsum based plasters. A number of
laboratory tests vresulted 1in the choice of a fine casting plaster as the
cementing agent. Specific details of the laboratory preparation and strength

and calibration tests are discussed in Chapter 3.



CHAPTER 3 STANDARD TESTING OF CALCAREQUS SOILS

3.1 Introduction

Standard laboratory tests and special tests have been conducted on the
carbonate sand and cemented carbonate sand. Although it is accepted that the
fundamental behaviour of such materials is not understood fully, it was not
intended to <carry out a full investigation of the strength and deformation
properties of the materials, but merely to characterize the materials used,
and evaluate the parameters required for subsequent analysis of the main
test results. The laboratory tests have therefore been carried out within the
limits of the available equipment, and only with materials and test parameters

relevant to the main test series.

3.2 Carbonate Sand

3.2.1 Grain size distribution

The grain size distribution has been determined using the standard ‘dry
method’, and is illustrated in Figure 3.1. The material is classified as a

fine sand with a D50 value of 0.2 mm, and a coefficient of uniformity of 1.9.

3.2.2 Carbonate content

The methods of determining calcium carbonate content have been reviewed

by Chaney et al. (1982). Based on this review the acid-soluble weight loss

3-1



method was carried out giving a calcium carbonate content varying from 88% to

947%.

3.2.3 Specific gravity

The specific gravity was determined using the pycnometer method. An

average value of 2.60 was obtained and has been used in subsequent analyses.

3.2.4 Particle characteristics

An optical microscope and a scanning electron microscope were used to
study grain shape and characteristics, and a selection of photomicrographs are
presented as Plates 3.1 to 3.3. These illustrate the variable nature of the
fossil fragments which constitute the grains, ranging in shape from angular to
well rounded. The grains are clearly skeletal remains (tests) of biogenic
populationg, with the main contributors being the mollusc and foraminifera
groups, with some coral and algae present. The mollusc fragments are mostly
platey and include large curved shell pieces (bivalves) and some gastropod
cones and rods. The foraminifera grains are well rounded fragments and
complete spherical shells, and where fractured illustrate the thin walled

nature of the shells and the occurrence of intraparticle voids.

3.2.5 Principal mineralogy

To determine the priucipal mineralogy, ¥X-ray diffraction analysis was

performed on the carbonate sand. This has shown the principal minerals to be
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high magnesium calcite (foraminifera grains) and aragonite (mollusc grains),

with the non carbonate grains being quartz, feldspar, and zircon.

3.2.6 Specific volume

An important aspect of the project was the use of realistic material
properties in the laboratory, and modelling of the density (and hence the void
ratio) of the carbonate sand was of prime importance. The aim was to produce
a sand sample in a test chamber of consistent and known density. Sand pouring
techniques were therefore investigated. Cole (1967) reviews the techniques
that had been 1implemented 1in tests involving silica sand, in which raining
techniques were found to produce the most uniform samples, with aperture size

and fall height being primary controls.

Comparative tests incorporating aperture (% free area) and fall height
variables, and using the <carbonate sand and a similarly sized silica sand
illustrated that carbonate sand does not conform to the criteria established
for silica sand. It was possible to obtain only two consistent and repeatable
states for the carbonate sand, ’'loose’ and ’'dense’. The ’'loose’ state was
achieved by carefully hand placing the sand into the test chamber in a
consistent manner to achieve a unit weight of 9.3 kN/m3 (e = 1.70). The
"dense’ state was achieved by pouring the sand into the test chamber via a
discharge hopper and then densitying the sand by the controlled use of
vibration, both in the sand and on the chamber walls (vibration was chosen in
preference to direct compaction to avoid the possible crushing effect of
direct compaction on the soft carbonate grains). This process produced a

consistent sample unit weight of 10.9 kN/m (e = 1.34).



The ’'loose’ state was chosen as the set up state for the test samples, as
the sample compression experienced upon application of the confining sirvess
(10%) would result in a test sample of acceptable properties. Also
preliminary tests «carried out by jacking a model pile into a stressed sample
produced bearing stresses comparable with field cone resistance values for
samples in a ‘loose’ state. All subsequent tests were carried out witih the

carbonate sand in this state.

3.2.7 Direct shear tests

A series of direct shear tests was performed on dry carbonate sans ot
up 1in a ‘loose’ state) in a standard 60 x 60 x 35 mm shear box. The veoulis
are presented in standard shear stress/shear displacement format in Fipure
3.2. The test at a normal stress of 114 kPa showed peculiar characteristics
and was therefore repeated, giving similar results. Some inteverniing
characteristics are evident, namely the plateau which appears to be develioped
at a shear displacement of 0.8 mm, and seems to be dependent on the mag-itude

of normal stress.

Such results are consistent with ring shear tests performed by rugro

(1981) on the North Rankin sediments, and presented in a similar fcvemst v

Figure 3.3.
If the shear stress is normalised by dividing by the normal stres. znd
plotted against the shear displacement, as shown in Figure 3.4, 2z —rigue

stress ratio is established for tests with normal stress above 114 kPa. This

. . . . 0 P
ratio 1is equal to tan ¢ as shown in Figure 3.4 (¢ = 347). A normal stress of
114 kPa therefore seems to represent the division between two characterisiic

modes of behaviour, additional evidence being provided by Figure 3.5, wniot
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shows the sand tending towards dilatant behaviour for normal stresses less

than 114 kPa.

Figure 3.6 shows the maximum shear stress for various normal stresses
compared to the vrange of results for the North Rankin material. Consisient

properties are evident.

3.2.8 Oedometer tests

Dry oedometer tests were performed on ’‘loose’ and ’‘dense’ samples, and
the resulting void ratio-vertical pressure plots are shown in Figure 3./.
Load increments were applied when sample compression had stopped, and this was

generally of the order of five minutes.

Compression indices ( Cc) of 0.78 and 0.70 were obtained for the “loose:
and ‘dense’ samples respectfully, and these are comparable with those guoted
by Fugro (1981) for the North Rankin sediments. The apparent pre-
consolidation pressures (which must in some way relate to the crushing of th«
sand) are 1.05 MPa (loose) and 1.55 MPa (dense). The unloading part »f the
curve illustrates thag the sample has undergone permanent deformation; and

represent volumetric strains of the order of 307%.

The samples were sieved after testing to assess the extent of particle
crushing. When defined in terms of Datta et al.’s (1979) crushing coefficient
values of 4.2 and 3.5 were obtained for the ’'loose’ and ’'dense’ samples.
These values are consistent with those quoted by Datta when extrapolated to

the appropriate vertical stress.
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3.2.9 Triaxial tests

A series of unconsolidated drained triaxial tests were performed on dry
samples, set up 1in a ’loose’ state. Samples were tested at three confining
pressures and the results are presented in Figure 3.8 as a plot of deviator
stress against axial strain. Figure 3.9 represents a diagram of deviator
stress (q) against mean principal stress (p) and illustrates the difficulty in
interpreting strength parameters from the results. The curvature of the
illustrated envelope representing the effects of confining pressure and

crushing.

However, since an attempt must be made at property characterization to
allow subsequent analysis, and in the absence of a clearly defined failure
point, parameters have been evaluated at 10% axial strain. If the angle of
shearing resistance defined at this point on the q-p plot is evaluated a

relationship of the form,

, -0.61
p
b = 131 = e (3.1)
Pa
is established, where, ¢ - angle of shearing resistance (degree s), p' =
mean principal stress and P, = atmospheric pressure. The drained Youngs

1
modulus E may also be evaluated in terms of the mean principal stress, and

when defined in terms of a secant modulus at 10% axial strain,

and in terms of the initial tangent modulus,
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These values are of a similar range to those obtained by Poulos et al. (1982).
The samples showed increasing particle degradation with increasing confining
stress, and when defined 1in terms of Datta et al.’s (1979) crushing

coefficient, values ranged from 1.8 to 2.5.

3.3 Cemented Carbonate Sand

3.3.1 Characteristics and calibration

It was stated in Chapter 2 that a fine casting plaster was chosen as the
artificial cementing agent, and the cemented material formed required
characterisation and calibration against the real North Rankin soils. At the
time of the calibration process results from a series of uniaxial compressive
strength tests were available and there were a number of important features to
be modelled: peak strengths (GEC) in the range 0 - 5 MPa, initial tangent

moduli Ei in the range Ei = 6chc, and the brittle strain softening nature of

the stress-strain curve. The tests were performed at comparable moisture
contents (approx. 25%). Following a number of trial mixes and testing series

three materials were selected and have been termed weak, medium. and strong,

with mix proportions and strengths as shown below.

Composition: Material » Weak Medium Strong

plaster/carbonate sand ratio (by wt.) 0.3 0.4 0.6

vater/plaster ratio (by wt.) 1.8 1.5 1.1

Uniaxial compressive strength Tte (MPa) 0.65 1.5 4.0
The mixing technique was:-

(i) Veigh out required quantity of carbonate sand, plaster and water.



(ii) Dry mix plaster and sand to consistent appearance (approx. 2 minutes).
(iii) Introduce water and quickly mix to uniform texture (approx. 2 minutes).
(iv) Introduce fluid mixture into former of required shape.

(v) Cure samples in a <controlled manner (i.e. constant temperature for

specified time period).

In this way samples of a variety of shapes could be made, for example
triaxial sized samples 38 mm diameter by 76 mm long, oedometer samples 70 mm
diameter by 20 mm thick, or larger samples for the main test series 200 mm
diameter by 80 mm thick. It was important that whatever the sample size it
should possess a known and consistent strength. Considering the results of
Johnston and Chiu (1984) based on strength tests of a weak mudstone at
different moisture contents, the moisture content would appear to be an
important control on strength. Therefore, whatever the size of sample,
wvherever possible a consistent moisture content was maintained. This resulted
in different types of tests heing performed after specified periods of curing.

Details will be discussed in section 3.3.60.

The cemented material will be referred to as ‘'weak’, 'medium’ or
"strong’. Photomicrographs of the fabric of the cemented material are shown
in Plates 3.4 and 3.5, and illustiate the nature of the interparticle

cementing.

3.3.2 Uniaxial unconfined compressive strength

Uniaxial wunconfined compressive strengths were evaluated for the three
material types, ‘weak’, ‘'medium’ and ’'strong’ from 38 mm diameter by 76 mm
long samples (L/D = 2). The samples were tested in a conventional

displacement controlled testing machine at a rate of 0.5% axial strain per
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minute. The values quoted in section 3.3.1 are mean values based on a number
of tests carried out for the calibration exercise and during the course oi the
main test series. Typical stress-strain plots for the three materials are
illustrated in Figure 3.10, and show the brittle strain softening nature of
the failure, with 1increasing initial tangent modulus with strength and
decreasing failure strain with strength. Inclined shear planes formed the

failure mode for all tests, with negligible end effects.

The wvariation of the initial tangent modulus (Ei) with strength is shown
in Figure 3.11. Also plotted is the North Rankin relationship EI.1 = 60 Vi and
the relationship for similar material from the Zakuum and Umm Shaif fields,
Abu Dhabi Ei = 290 Teos reported by Dames & Moore (1982). It is noted That
the moduli values are above the North Rankin values, but below the Zakuum and
Umm Shaif values and therefore considered acceptable. The relationship can be

represented by:-

1.29

wvhere Ei is the initial tangent modulus, Ot the uniaxial compressive sirengih

and P, atmospheric pressure.

3.3.3 Rod Index Tests (RIT)

The details of the rod index test have been previously presented in
section 1.4. The test was established as the strength criterion for the North
Rankin calcarenites due to the inconsistency of results from the uniaxial
compressive strength tests. It is accepted that the RIT is not a universally
used classification test, but due to the unique nature of calcareous soils new

techniques for their «classification will evolve and therefore it was



considered beneficial to calibrate the artificial material using such new

techniques.

The method of testing was similar to that described in section 1.4 with
the following exceptions. A sample was directly cast into an 88 mm Jiameter
by 130 mm long UPVC pipe, the pipe was cut down the side to facilituie zenoval
of the sample after testing. During the test three jubilee clips were fixed
around the diameter of the pipe to provide constraint and simulate o rcut

pipe.

Typical results for the ‘weak’, ’'medium’ and ’strong’ materials sve shown
in Figure 3.12, together with comparative North Rankin results i o+ ocwell
(1985a). The artificial material shows similar features to naturally “emernied
sediments. The compression zones revealed by splitting the samples aifter the
test identified two distinct mechanisms, a spherical bulb for (he weak
material and a restricted elongated bulb with shear cracks for th: “Sirong:
samples, as shown in Plates 3.6 and 3.7, and comparable with those i1dentaiied

by micro fabric studies of Jewell’s tests (Figure 1.13).

The relationship .between uniaxial compressive strength and R "5 shown
in Figure 3.13. The non linearity of this relationship can be .xi . .rd by
the change of mechanism which occurs from the 'weak’ to the ’strong: = .o
The RIT has been used for the majority of the test series to check sirength

consistency.

The wuniaxial compressive strength (cfc) - RIT (P8) relat.sr o RTINS

expressed by:-
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where Py = atmospheric pressure.

3.3.4 Tensile Tests

In order to evaluate the tensile strength a number of ‘Brazilian’ type
tensile tests were carried out by loading a sample diametrically to induce

tensile failure.

The results are plotted in Figure 3.14 against uniaxial compressive

strength (cfc)’ and can be defined by the relationship:-

Tpp = 0.16 Tpa e

vhere Op, = tensile strength.

3.3.5 Point Load Index Tests

A simplification of uniaxial strength testing which can give a rapid
strength index 1is the point 1load index test, and is now widely used as a
field index test. Good relationships have been established betwveen point load
index (IS) and uniaxial compressive strength (cfc) for strong rocks; however,
its applicability to weak rocks is not so certain, where localised crushing
may occur beneath the load points, and this vas visible in the tests carried
out. Nevertheless, the test has been performed using the conventional point
load index test apparatus and the results are presented in Figure 3.15. The

relationship can be defined by:-

11

O]
|



o, = 1L.5T ... (37
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Also plotted on Figure 3.15 are the standard relationship for all ruck types

suggested by Bieniawski (1974), 0. = 2415, and the relationship for the
Zakuum and Umm Shaif fields carbonate deposits, Of = 3.7 IS.
3.3.6 Specific volume

A diverse range of sample sizes has been tested. For the siandard
laboratory tests sample sizes included 38 mm diameter triaxial samples, /O mm

diameter oedometer samples, 88 mm diameter RIT samples and slabs of
approximately 200 mm diameter by 8 to 80 mm thick for the main test cerics

Obviously these would have significantly different drying chavacterisincs
under constant curing conditions. As stated in section 3.3.%1 the initial

calibration tests were performed at moisture contents comparable toc ihe North

Rankin soils (25%). This was therefore considered to be the targel wiisiture
content for the majority of the tests, the alternative being to ~cruuci sll
the tests in a dry state, which would then preclude direct compavison witih the

available data-base of information on calcareous soils.

A series of ’drying tests’ was therefore carried out which moniivred the
variation of moisture content with time for different sized sampics 'n ‘heir
particular sample formers. The wvarijation of moisture conter - it
samples was also monitored. This exercise resulted in the curwng Loriods

shown in Table 3.1 being adopted.
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Table 3.1

! Sample Size Curing Period
38 mm diam. x 76 mm 48 hours
(TXL)

70 mm diam. x 20 mm 24 hours

! (oedometer)

88 mm diam. x 130 mm 48 hours

{ (RIT, Point load index)

{ >200 mm diam. = 8-80 mm 24 hours

© (Test layers) J

This procedure resulted in all tests being performed at comparable
moisture contents (25%) and therefore comparable strengths. The resultant

material properties are presented in Table 3.2.

Table 3.2

Material Type Unit Weight (at test) Void Ratio Porosity
(classification) (kN/m‘) (-) (%)
Weak 15.00 0.7 41
Medium 15.25 0.67 40
Strong 15.50 0.65 39
|

3.3.7 Oedometer tests

Oedometer tests were performed on the three material types in a dry
oedometer «cell with the samples loaded up to 6 MPa vertical pressure. Load
increments were applied when initial sample compression had appeared to stop,
and this was of the order of ten minutes. The resulting void ratio - vertical
pressure plot 1is shown in Figure 3.16, and these should be compared with the

North Rankin data presented in Figure 1.10.




The apparent pre-consolidation pressures (as discussed in section
1.3.2) are clearly evident in Figure 3.16, which increase with sample
strength and must therefore be related to the degree of cementation <! the
sample. The three tests illustrate that as the sample strength increases so
the initial stiffness will be greater. However, when the cementation sirength

has been overcome (vertical pressure greater than apparent pre-consol:dation

pressure) then the ‘weak’, 'medium’ and ’strong’ samples have comparable
compression indices, CC = 0.42, representing the behaviour of a ~irushed
sample.

The compression indices and apparent pre-consclidation pressures sre
comparable with those of the North Rankin sediments as presented in seovegn

1.3.2.

3.3.8 Triaxial tests

In order to investigate the effect of confining pressure on the stress-
strain behaviour of the cemented material, a number of unconsolidated drained
triaxial tests was performed on the ’weak’, ’medium’ and ’'strong’ mz'nrials
at their test moisture contents (25%) and for confining pressures in the rcange
0 - 575 kPa. The results are presented in Figures 3.17 to 3.19, and

illustrate a number of important features.

There is a clear trend from brittle strain-softening behaviour to ductile
and strain hardening behaviour as the confining pressure is increasec, with
this tendency diminishing with increasing strength. The modes of failire alsc
change from cataclastic shear fractures for the brittle failures to multiple
shear planes with plastic deformation (lateral bulging) for the ductile and

strain hardening failures. Also the magnitude of the confining presswre has
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little influence on the pre-yield behaviour of the materials which show

consistent initial moduli for each material type.

A study of rock mechanics literature soon established that this behaviour
is typical for rocks tested at elevated confining pressure (Jaeger and Cook,
1969, Hoek and Brown, 1980, Farmer, 1983). However, the majority of rocks
require significant confining pressures to induce ductile behaviour in the
rock mass. This is not the case for calcareous rocks wvhich are very weak and
consequently the confining pressures required to induce ductility are
comparable to the in-situ effective stresses for offshore foundation
environments. The most comparable data for this brittle to ductile transition
is provided by Elliott (1983) who tested a soft high porosity oolitic
limestone (Bath stone, uniaxial compressive strength = 23 MPa, void ratio 0.23
- 0.37) at confining pressures in the range 0.4 to 30 MPa. A typical set of
results is illustrated in Figure 3.20 and clearly shows similar
characteristics to Figures 3.17 to 3.19. A number of workers have quantified
a brittle to ductile transition line based on a wide variety of rock types and

strengths, Mogi (1966) found the transition for most rocks could be defined

by,
5 = 3.4o, ceer. (3.8)
vhere oi = axial stress and c: = radial stress. Barton (1976) suggests,
o = 3o, (3.9)

and Elliott and Brown’s (1985) results indicate

n

N (3.10)
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In order to 1investigate these relationships the triaxial test results
have been plotted as shown 1in Figure 3.21, wvhere the failures have bheen
classified as brittle (b) or ductile (d). Equation 3.10 provides a reasonable

prediction of the division between brittle and ductile behaviour.

These results indicated that any strength criterion developed for
application to <calcareous material would have to describe both brittle and
ductile behaviour. Presently, «criteria used 1in rock mechanics are only
applicable to the brittle range and usually take the form of the Mohr-Coulomb
criterion or Griffith type criteria (’'modified’ or ’extended’) with the most
recent empirically based developments given by Hoek and Brown (1980) and
Johnston (1985). Attempts are being made to identify a strength criterion
which will encompass ductile behaviour, mainly by the application of the
concepts of critical state soil mechanics, but these are not yet well
established, Chiu and Johnston (1984), Elliott (1983), Price and Farmer

(1981).

It is felt that there is insufficient high quality laboratory test data
available to discuss the application of such criteria to the test results, but
it 1is important to observe that brittle and ductile mechanisms can be induced
within the cemented materials at moderate stress levels. Such mechanism
changes have been observed in the main test series, and are discussed in
subsequent chapters. Appropriate strength parameters for the cemented

material are derived from these laboratory tests in Chapter 9.



CHAPTER 4 EXPERIMENTAL EQUIPMENT

4.1 The modelling of end bearing capacity

The advantages of model testing have been comprehensively discussed by
Bassett (1979), and the use of such techniques is accepted. However, having
decided that modelling techniques are to be applied, a number of quesiions
still remains to be addressed. What type of modelling should be i omed,
should it be in a centrifuge or on a laboratory floor, and how should soundary
stresses be controlled? Also, what size of equipment is required, s what
should the relative dimension between the model and testing chamber @ “hege

particular questions will be considered for this investigation.

The aim of any model analysis is to achieve complete similariiy setwveen
model and prototype, and if similarity is not fully achieved then ‘=u.ctiuve
must be justified (Ovesen, 1979). If the techniques of dimensional asnaiysuis
are used to establish a set of similarity requirements, then the results of
the analysis will indicate the most appropriate testing technigu« Mveser
(1979) sets out a case for the use of a centrifuge to determine 'bk: searuing
capacity of a circular footing on a dry sand surface; a similar analysis will
be presented for the case of a pile in dry sand with particular appl: =i.ow

end bearing capacity and calcareous sand.

Figure 4.1 illustrates the independent variables which might influc:i o e wpd
bearing stress - displacement response, with skin friction .. _..ave:

negligible and variation of geostatic stress at the base of the .. ¢ iec -

order for a deep pile analysis.
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The variables can be defined as

r = radius of pile shaft v = Poisson’s ratio for sand

q = end bearing stress E(G) = Young’s(Shear) modulus

8 = pile displacement dg = average sand grain size

e = void ratio for sand Ug = sand grain crushing strength
¢ = angle of shearing resistance cﬁ = effective horizontal stress
c& = effective vertical stress K, = effective stress ratio

If c& and oﬁ are expressed in terms of the effective mean stress p’ and K,,

then the displacement of the pile may be written as a function of the other

variables

é = £, (¢4, e, v, Ko, E, q, Ug7 r, dg) P’) e (4.1)

The quantities entering the problem have two independent dimensions, length
and stress. Following the techniques of dimensional analysis the quantities r

and p’ are chosen to represent the independent dimensions, leading to nine

dimensionless groups,

wvhere the displacement ratio (&8/r) 1is a function of the other eight
dimensionless groups. In order to obtain complete similarity the model test
must be designed in such a way that the independent dimensionless groups
attain the same values for the model and prototype. If a model of scale 1:n
is used, with a similar sand to the prototype condition, then similarity

requirements can be written as shcwn in Table 4.1.
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Table 4.1

Prototype Model Similarity
Scale 1:1 1l:n Condition
¢ ¢ Similar
e e Similar
Y oY Similar
Kq Ko Similar
E/p’ E/p’ ?
q/p’ q/p’ ?
o /p’ o /p’ ?
g P g P
d /r d /(x/n) Not similar
g g

The wunique nature of calcarecus soil particles eliminates the possibility
of scaling particle size, and for this type of material departure from
similitude 1is <considered justified. Therefore, accepting this dissimilarity
Table 4.1 shows the importance o¢ attaining similar stress levels (p’) in the
model and prototype. If this 1is satisfied then all the remaining groups
become similar. One method of achieving such a condition is to use a testing

chamber in which boundary stresses can be imposed on the soil sample.

Dimensional analysis has therefore shown that 1lg model tests can be
performed provided they are carried out in a test chamber capable of applying

boundary stresses of similar levels to perceived in-situ stresses.

The scaling factor (n) is ancther important parameter to determine. Here,
the availability of existing laboratory equipment has been influential. A
previous research project investigated the ground heave around driven piles in
clay (Gue, 1984) using 16 mm diameter model piles and 450 mm sample diameter

test chambers. To maximise the use of existing equipment it was considered
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The dimension of

beneficial to wuse similar dimensionsv[ 16 mm essentially represents a 1:100
scale model of realistic pile diameters, and gives a diameter to mean pnarticle
size ratio of 80, well above the scale effect threshold established by Kerisel
(1972). However, the majority of offshore piles are open pipe piles,; and
logically it would seem correct to model these piles as open ended sections

with comparable diameter to wall thickness ratios (approximately 30;}.

Applying this criterion to the 16 mm diameter piles results v 4 wall
thickness of approximately 0.5 mm. With a mean particle size of 0.% wm, this
presents a major scaling problem. It was therefore decided that the wuioraty

of the tests would be carried out using a solid 16 mm diameter section, but an

open ended section would form part of a subsidiary pile type series.

A sample diameter of 450 mm represents a sample to pile diameter ~oi:: of
28. Considering the localised crushing behaviour of the carbonate sand, and
likely reduction in lateral stresses during model pile installation Nauroy
and Le Tirant, 1983), this diameter ratio was considered acceptabi« At

stress controlled boundaries would be adopted, with any pressure tluciusiions

being monitored.

In the previous project (Gue, 1984) the model piles had been i v iiog by
using a model ’‘driving rig’. This was not considered to be the mosi =uvitable
method for this investigation where it was required continuously . munitor
load build up of a pile during 1installation. A displaceme:-

jacking mechanism was therefore chosen to represent pile installation.

The philosophy behind the choice of the main pieces of nx v wer 50
equipment has been presented, and the mechanical details of thes: RN

now be discussed.



4.2 Testing chamber

The two main functions of the test chamber were to provide a means of
forming a wuniform test sample of defined dimensions, and facilitating the
application of predetermined boundary stresses to that sample. A number of
chambers exists which perform these functions, mainly in the field of in-situ
device calibration, and are commonly referred to as calibration chambers. The
Norwegian Geotechnical Tnstitute (NGI) commissioned the construction of a
chamber which is now located at Southampton University, and the Italian
companies ENEL and 1ISMES each possess a chamber. Details of these chambers
are outlined in the report produced following the ’‘Calibration Chamber Testing
Seminar’ held at Southampton University, Last (1984). Also, Dr. Martin Fahey
produced such a chamber during his research work at Cambridge on the
calibration of thc pressuremeter in  sand, and details are given in Fahey

(1980).

All these chambers show a number of consistent features;
(i) each use flexible 1ubber membranes to separate the sample from the
pressurising [luid,
(ii) vertical stress is applied by pressurising the base of the sample,

(iii) rigid top plates are used.

These details have been successfully proven by producing consistent test
results, and were consequently incorporated into the testing chamber design.
However, differences in calibration chamber design were evident in the methods
of fixing and sealing flexible membranes, and in the type and operation of

sample formers. Modifications vere therefore made to these details.

The testing chamber designed is conceptually shown in Figure 4.2 and a

schematic section is shown in Figuve 4.3.



Flexible circumferential and vertical stress boundaries are formed by the
use of rubber membranes, and the sample is initially laterally restrained by
an internal sample former. The sample former consists of three 5 mm thick
120o perforated segments (Figure 4.4) <supported by two push rods per segment
wvhich pass through the outer shell of the chamber, and fixed by sealing and
adjustment units (Figure 4.5). These units allow the segments to be pushed
against the circumferential membrane to form a rigid boundary against which
the sample may be formed. By introducing the pressurising fluid into the
cavity between the membrane and the outer shell of the chamber, and balancing
the hydrostatic and geostatic stresses the segments can be withdrawn from the

membrane to create a flexible (stress controlled) boundary with minimum

disturbance to the sample.

The flexible membranes were cut from sheets of 1.5 wm thick ’shotblasters
rubber’. The circumferential membrane was made by lapping the rubber and
sealing with 'Belzona fortified fluid rubber’ at the lap joint. The membranes
vere fixed in position by means of diametric clamping rings as illustrated in

Figures 4.6 and 4.7. The sequence ol membrane fiwing is shown in Plates 4.1

to 4.4.

Figure 4.8 illustiates the top plate showing the o’ ring seatings to
compensate fovr surtace imperfections, and the <slot adaptor to maintain a

constant aperture to diameter ratio during pile diameter changes.
One 1input pressure port is provided to the circumferential stress
boundary and one to the base stress boundary. Details of the input ports and

associated bleed valves are shown in Figures 4.9 and 4.10.

The testing chamber wvas structurally designed as a pressure vessel with

an internal design pressure ol 1000 kPa, approximately one and a half times
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the proposed maximum working pressure. A non-ferrous alloy, duralumin. was
chosen as the manufacturing material because of the ease with which fabricated
elements could be handled, and also its good corrosion resistance properties.
Due to 1its size, the chamber was manufactured outside the Department of
Engineering Science by Freeland Engineering Ltd., Oxford, with minor

modifications being carried out by the soil mechanics laboratory technicians.

4.2.1 Testing chamber pressurisation system

It was decided at an early stage that K, would constitute an impoexitant
variable in the parametric study. To facilitate K, change, two independent
pressurisation systems were required, one for the lateral pressure and .iv ' or
the vertical pressure. In addition to providing these pressures, the system

was also required to measure and control such pressures.

The system components are shown schematically in Figure & 51 and
comprise: an o0il reservoir (oil being the pressurising fluid), pneumatic pump,
pressurised gas supply (oxygen free nitrogen), gas pressure regulator, two
gas/oil interfaces (bladder type accumulators), two pressure gauges, viitious

hydraulic control valves and associated hydraulic fittings and hosing

A complete cycle of sample formation and stressing wvas as foliovs:-

(i) testing tank empty - <close wvalves (9a), (9b) and (9f to 7i}, and

/

connect hydraulic coupling to (10a).

(ii) pump required amount of o0il into base pressure bag to form 2i: .zse.
(iii) form test sample.
(iv) connect hydraulic coupling to (10b) and pump oil into circumferential

bag until full.
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(v) close valves (9¢) to (9e) and open/close valves (9a)/(9b), pump
required amount of oil into accumulators (one at a time, and not
required for every test).

(vi) close valves (9a) and (9h), open valves (9c) and (9d).

(vii) charge accumulators with vequired gas pressure (i.e. just above the
test pressures) by means of regulator (2), divertor valve (3) and
pressure release valve (4).

(viil) slowly open valves (2f) and (9g) to transfer pressure onto sample

(ix%) top up gas pressure to give required lateral and vertical test
pressures on pressure gauges (3).

(%) perform test wvith constant pressures, 1i.e. stress controlled
boundaries.

(x1) after completion of test, release pressure through pressure release
valves (4).

(xii) close wvalves (9f) and (9g) and open valves (9h) and (9i) allowing

pressurising fluid to drain back into oil reservoir.

This represents o lengihy description for what in practice was a simple

operation.

4.3 Jacking mechanism

Having established that the piles would be installed by a jacking
mechanism, criteria were neceded on which to base the design. These were
defined as follows: -

(a) A slow installation speed was envisaged for the majority of the tests, but
it was aleo considercd prudent ro have the standard in-situ speed’ of 20
mm/s available for comparative tests.

(b) The load capacity was difficult to assess initially as no hearing capacity

theories could be applied to the problem with confidence, that being a



primary research objective. However, a review of CPT profiles, and some
speculative <calculations resulted in an upper limit bearing stress of 30
MPa for the proposed cemented layer strengths. This was applied to the
solid 16 mm diameter piles giving a design axial thrust of 6 kN.

(c) Positional  accuracy was considered important if piles were to be
terminated in cemented layers at predetermined penetrations. Therefore, a
positional accuracy of 0.5 mm was applied.

(d) If accurate data acquisition techniques wereemployed then the system must
not be suspect to flexural displacements during loading. The system must
therefore be rigid enough to restrict such displacements to 0.2 mm at full

working load.

Based on the above «criteria a number of options were assessed and
compared in terms of cost and availability, viz. linear actuators, hydraulic
pump/piston, motor (d.c. and stepping) and lead screw. The preferred and

adopted system is illustrated in Figure 4.12.

A control box provides the power supply, logic circuits and controls for
the 1.8o stepping motor, which is fitted with a 15:1 ratio gearbox to increase
torque capacity. The motor drives the shaft of a ball screw which moves at
the preset penetration‘rate (the ball screw and shaft were replaced by a power
nut and shaft towards the end of the project due to excessive wear in the ball
screwv). A load transmission plate was fixed to the ball screw to which the
pile could be attached, and was restrained from lateral motion by linear
bearings aligned on a shaft parallel to the main screw shaft. Axial thrust
generated by the pile is transmitted via the load transmission plate to the
main shaft and subsequently into the jacking frame by the thrust and radial
bearings located 1in the shaft housings. Reaction forces are provided by

bolting the frame to the top plate of the testing chamber.
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The frame was manufactured and the mechanism assembled by the soil
mechanics laboratory technicians, duralumin being used wherever possible. A

general view of the jacking mechanism and testing chamber is shown in Plate

4.5.

4.4 Model piles

The philosophy of wusing 16 mm diameter model piles has previously ieen
discussed, and .most of the tests have been performed using this diameter.
Subsidiary test series have been carried out incorporating open ended znd 60

cone tipped sections, together with a series investigating size effect using 8

mm and 32 mm diameter solid section piles.
Figure 4.13 shows details of the model piles used. All were manufaciured
from duralumin, except the open ended sections which were made from stz:niess

steel tubing. The model piles are illustrated in Plate 4.6.

4.5 Preparation equipment

The preparation of a wuniform sand sample and consistent cemenied sand
samples will be discussed in subsequent chapters, therefore, this section will
only discuss the equipment used to form cemented samples of specified shape

and thickness.

The cemented samples were pre-cast in the mould shown in Figure 4.14.
The thickness of the sample was controlled by the adjustable base plate, and
the shape achieved by polystyrene formers. These polystyrene :ormers
consisted of the required number of 6 mm thick ceiling tiles, cut to shape and
placed together. During casting a pneumatically driven vibrating unit was

attached to the mould frame to help eliminate air voids. Curing wvas
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-

controlled by maintaining a polythene membrane 50 mm above the surface of the
sample for the whole of the curing period (detailed in Chapter 3).
The preparation process consisted of:-
(1) Prepare constituent matevials (sand, plaster, water).
(ii) Manually mix materials wuntil consistent texture 1is achieved (5

minutes).

(1ii) Place fluid material into vibrating mould.

(iv) Svitch off vibrating unit and level surface with flat edge.
(v) Place polythene curing membrane above sample.
(vi) Cure in temperature controlled laboratory fov specified period.

This process proved satisfactory in producing consistent samples. When
cured the samples required no special equipment for transportation and
placement as the samples possessed sufficient vigidity it carefully handled.

The prepavation mould is shown in Plate 4.7.

4.6 TInstrumentation and data acquisition

4.6.1 TInstrumentation

Instrumentation vas required to monitor jacking force and pile

penetration.

Sangamo 'D95 Series lLoad Transducers’ were used to measure the total
jacking force at the pile head, with fizing details as illustrated in Figure
4.15(a). The transducer consists of a one piece Z-beam type body machined
from a billet of stainless steel alloy, and emplovs foil strain gauges bonded
into the Z-beam body. In order to mazimise accuracy, two capacity ranges were
used to cover the wvarving test conditions, O to 2.5 kN and O to 10 kN, the

fixing detail facilitating easy interchange. For each transducer a 10V d.c.
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electrical ewxcitation voltage was applied with full scale output of 30 mV/V

being achieved.

Pile penetration was measured by attaching a linecar variable differential
transtormer (LVDT) to the pile head, the LVDT body being supported by a frame
fixed to the top of the testing tank, as illustrated in Figure 4.15(b).
Depending on the planned penetration, a long stioke (+ 200 mm) or short stroke
(+ 50 mm) LVDT was used. RDP Electronics Ltd. a.c. series transducers were
used, Ref. No’s D5/8000C, D5/2000, and required a 5V a.c. power supply to give

outputs of the order of 0.8 mV/V/0.1 mm.

RDP Electronics Ltd. transducer conditioning units (E307, E307-2)
supplied the excitation power supply o the LVDT and load transducer, and
alloved signal conditioning to maximise instrumentation accuracy when linked

to the data acquisition systemn.

4.6.2 Data acquisition, storage and processing

Measurement tiransducers produce d.o. analogue signals as an outpul.
These analogue outputs can either be recorded on -y or strip chart recorders,
or preferably be converted to digital signals and directly recorded to a data
file in a microcomputer, allowing instant data storage and easy data transfer
and processing. The equipment items requirecd were thereforve identified as an
analogue to digital converter and a mictocomputer. together forming a data
acquisition system. A cost  budget  was detined and certain criteria

established for the individual items of the systen.

The microcomputer had to have sufficient memory capacity to process data
files without extensive shuttling to and from the disk, possess good on-screen

graphics capability, be capable of serving as a work station for further



engineering computations, and be ahle o communicate with other computers in

the laboratory and deparrment.

The analogue to digital converter had to be fast enough to sample a
signal at least ten times a second, and have at least eight channels. Also,
the software accessing and controlling the system had to be a high level
language such as Basic or TFortran, requiving no special knowledge of the

system architecture or machine language.

An  TIBM-XT was choscen as the microcomputer, with specifications of: 256
kilobytes of accessible memory with a 10 megabyre Winchester hard disk and one
floppy disk drive for data =storage, a monochrome monitor with enhanced
graphics via a ’'Hevcules’ graphics cavrd, and sevial and parallel communication

ports.

There is a number of analogue lo digital (A/D) converters on the market,
with the majority able to salisty the established criteria (which are modest
by comparison with other application aveas). Merrvahyte’s DASH-8, 8 channel 12
bit successive approximation A/D converter was chosen. The DASH-8 requires a
full scale dinput of 4+ 5 volts Lo give a resolution of 2.44 millivolts, and
required conditioning the trancducer outputs to this range. This gave
scanning accuracies ofb 0.1 mm and 0.02 wm for the large and small LVDT and
4.9N  (500g) and 1.2N (122g) for the large aud small secale load cells. A/D
conversion time is quoted at 25 microseconds giving throughputs of up to
30,000  channels per second, resulting in the transducer accuracies being used
to control the scanning speed (discussed later). The DASH-8 was fitted on a
"half’ slot of the TIBM’'s internal PC Bus, and all transducer signal
connections vere made through a standard 37 pin ‘D’ male connector at the rear

ot the computer.



A schematic diagram of the data acquisition system is shown in Figure

4.16. Utility softwvare was provided which allowed 1initial sei--up,
Input/Output

installation and calibration, together with a machine language[I/O driver for

selecting multiplexer channels, setting scan limits, and performing A/D

conversions, all accessed via BASIC, using 'CALL’ sub-routines.

For all the tests carried out a ‘displacement control’ program was used
in which data capture was initiated by movements of the LVDT, the diswnlacement
scanning interval having been pre-programmed. This allowed flexibility in the
frequency of data capture, for example where the pile was penetrating 5 sznd
layer prior to reaching a cemented layer, data capture may take place at pile
penetration intervals of 1.0 mm, but on reaching a penetration of ==y 200 wmm
(somewhere near the cemented layer) data capture may take place i pile
penetration intervals of 0.2 mm, allowing the load build up to be woriiored
closely. By simply programming the input of limit displacement at the start
of the test a very flexible data acquisition system was created; a flow chant

of the program is shown in Figure 4.17.

On completion of a test, the data file created was stored in an

appropriate test directory within the hard disk memory of the mi.:-

Further processing either took place locally at the microcomputer, i by the

<
o

Department’s VAX 1II/780 mainframe computer following data fran=tcer
established communication lines. This system allowed maximum bee 0“0 e
taken of proprietary software such as ‘Lotus 123’ or the ’'Ginc  .raphics
routines which aided considerably the processing of results intc meszningful

engineering format.
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CHAPTER 5 BEARING CAPACITY OF A MODEL PILE IN CARBONATE SAND

5.1 Introduction

Whilst the primary aim of the research programme was to study the ialure
mechanisms for piles in layered calcareous soils, it was impoiiani to
establish the bearing response of the model pile in a uniform sammple of
carbonate sand. This would quantify one of the variables when inteiypoeting

the layered test results.

A series of fourteen tests was carried out in the (et chenbern
with varying confining stress and KO, and using a 16mm diameter :solis scciion
model pile jacked into the test chamber at 0.lmm/s. Details of ibe icxilys are

given in Table 3.1.

Table 5.1
Test —I Vertical %o
Na. Stress
(%Pa)
23 50 0.5
s2 100 0.3
s3 200 - 0.3
sS4 300 0.5
ss 400 0.5
D10 520 0.3
$6 25 2.0
8 30 2.0
$9 100 2.0
510 150 2.0
si1 200 2.0
s12 250 2.9
513 100 0.25
514 400 0.25
5.2 Laboratory tests results and observations
Figure 5.1 shows the set of results for Ko = 0.5, and iliv.ieio s the
typical features obtained. The results have been presented as be-:iip ~ivess,
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which represents the total force measured at the pile head divided by the end
area of the pile (discussed later), plotted against pile penetration in terms
of pile diameters. Each of the curves shown represents some 500 data points
and 1s therefore presented as a continuous line plot in preference to a data
point plot. The spikes represent points at which the jacking mechanism was

stopped and restarted.

The results show that the bearing stress increases up to a penetration of
approximately four pile diameters where a steady state is reached, with this
steady state bearing stress being dependent on the confining stress. The
consistency of the steady state is a good indication of the uniform nature of

the sand sample.

On examination of the sample after testing two significant features
appeared. Firstly the pile wall was surrounded by an annulus of crushed
material, shown in Plate 5.1 and Figure 5.2, and secondly a sphere or bulb of
crushed material had formed at the base of the pile (Figure 5.3), which was
sufficiently firm to be held in the hand, and crumbled under slight finger

pressure. The crushed material was sieved and the particle size found to be <

125 wpm.

In order to evaluate the skin friction contribution a number of pull out
tests was performed followving the jacked-in tests. Figure 5.4 shows the
resulting Dback <calculated skin friction-penetration plot from a test carried
out at confining stresses 500 kPa vertical and 250 kPa horizontal. A unit
shaft friction of the order of 13 kPa 1is shown, and this is considered
negligible by comparison with rhe end hearing stress (5MPa), hence the bearing
stress referred to previously is based on the end bearing area only, as are
all subsequent bearing stress calculations. Also, during the pull out tests

it was noted that on examination of the sand sample after the test, the hole

L
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formed by withdrawval of the model pile had remained open, i.e. the open hole
was able to sustain a lateral stress of up to 250 kPa at the chamber boundarv
(highest tested wvalue) without collapse. The importance of this behaviour

for the skin friction mechanism is discussed in the next section.

For the end bearing response, it would appear from the results that a
penetration of four diameters was required to form the crushed bulb at the
base of the model pile and hence reach a steady state. However, this
penetration distance also includes any effect of the top plate aperture, which
is 20 mm compared to the model pile diameter of 16 mm. To isolate these
effects a test was carried out with the pile embedded 100 mm into the sample
i.e. built into the sample. The result is shown in Figure 5.5, and it can be
seen that approximately four diameters of penetration are still required to
reach the steady state bearing stress. It is therefore inferred that the
aperture effect 1is small, and four diameters 1is a true measure of the

penetration required to form the crushed bulb.

The test vresults show the influence of stress level on bearing capacity
and also allow isolation of the effects of horizontal and vertical confining
stress. The steady state bearing stress is plotted against horizontal
confining stress (ch), vertical confining stress (ov), and mean confining
stress (p = % (oV + 2oh)) in Figures 5.6, 5.7 and 5.8 respectively. The
horizontal confining stress gives a better correlation with bearing stress
than the vertical confining stress, and this has been shown to be the case in
test chamber work in other areas, (Houlsby and Hitchman (1987), Jamiolkowski
(1986)), but the best correlation 1is that of mean stress, which virtually

eliminates any wvariation due to KO. The relationship between steady state

bearing stress (q) and mean confining stress may be expressed by:-
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vhere P, = atmospheric pressure

This solution 1is compared with other available bearing capacity solutions in

the next section.

5.3 TInterpretation and comparison with design methods

5.3.1 Skin friction

The formation of an annulus of crushed material around the model pile
during driving, and the unit skin friction achieved on pull out have already
been discussed. It is intended to compare this behaviour with other available

data and with curvent design methodology.

Unit skin friction (Tg) is  conventionally expressed in terms of the

normal effective stress (Gﬁ) acting on the pile =shaft and an interface

friction angle (8) to give:-

T = cﬁ tans (5.2)

The normal effective stress 1is expressed as a multiple K times the
effective overburden pressure (o&) and the final expression for skin friction

becomes:

T, - Ko tand = o ... (5.3)
vhere B = K tané
The inclusion of o/ in equation 5.3 implies that the skin friction will
increase with depth as the effecrive overburden pressure increases with depth.

Hovever, experimental evidence in non-calcareous soil (Vesic, 1967) indicates



that wunit wvalues do not increase linearly with depth, but rather the rate of
increase reduces with depth. This behaviour has often heen renresented in
design approaches by introducing limit valves. Appropriate values for these
limits, and whether true limits are reached 1in practice, are matters of
considerable debate (Randolph, 1985, Kulhawy, 1984). A conventional design in
non calcareous soil would incorporate a linear increase in skin friction up to
a ’critical depth’ or a 1limit value, and remain constant thereafter. For
calcareous soils, where skin friction has been shown to be significantly less
than that predicted using data from non-calcareous soil, the current practice
is simply to reduce the value of K, & and Timit O give results comparable to
field values. Such reduced values are reported in McClelland (1974), Angemeer
et al. (1973) and Datta et al. (1980). Such an empirical approach is accepted
wvhere no data are available to justify a more systematic approach. However,
the limited skin friction tests carried out within this study, combined with
other experimental observations now available, can provide an alternative

approach.

Tt is important to establish the reason for the low skin friction values;
is it a reduction in K resulting in a lowv effective normal stress, or a
reduction in the interface friction angle & due to extensive particle
degradation? Noorany (1985) has 1investigated the soil-steel frictional
behaviour of two calcareous sands, with particular emphasis on the effects of
grain crushing on these properties. The results indicate that grain crushing
does not appear to reduce the high friction angles (450) and average soil-
steel friction angles (200) originally measured. This implies that the grain
crushing observed for the present tests, and by BErtec (1983) in similar tests,
cause a reduction in the effective normal stress cé acting on the pile wall.
This has also been suggested by Nauroy and Le Tirant (1983) and Dutt and
Cheng (1984). Such 1ideas «can be supported by the open-hole observations

discussed 1in section 5.2, and it must be inferred that the annulus of crushed
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material formed during the installation process possesses sufficient strength
and stiffness to restrict the transfer of lateral stress onto the pile wall,

resulting in the low skin friction values observed.

In line with Nauroy and Le Tirant’'s (1983) observations the unit skin
friction was found to increase rapidly before reaching a reasonably constant
limit wvalue (approximately 13 kPa), and found to be relatively independent of

confining pressure. This limit value is consistent with field observations.

The skin friction pull-out tests were carried out simply to show the
limited contribution of skin friction to bearing capacity, but they have also
provided some observations pertinent to the understanding of the skin friction

mechanism.

5.3.2 End bearing

It is generally accepted (Randolph, 1985. Poulos and Chua, 1985, Kulhawy,
1984) that three principal failure modes may occur heneath a pile; general
shear, local shear, and punching shear. At shallow depths an unconfined
failure mechanism can occur and the hearing capacity can be computed from
Terzaghi’s theory for general shear failure (Terzaghi, 1943). At intermediate
depths a limited flow mechanism exists close to the pile, confined by external
stresses, and solutions may be based on local shear failure mechanisms. At
greater depths, the flow mechanism may not occur, leaving a punching form of
failure, with the end bearing pressure closely linked to the limit pressure

for spherical cavity expansion (Vesic, 1972).

Randolph (1985) states thot the transition depth between these various
mechanisms will depend on the dilation characteristics of the soil, and thus

on relative density and effective stress level, and adds that in loose sands,



vhere compactive volumetric strains occur during shearing, the ’'deep’ punching
mechanism may occur at relatively shallow depths. Based on the test
observations of a crushed bulb of material beneath the pile tip, together with
the loose and contractile nature of carbonate sand, the application of Vesic’'s
spherical cavity expansion method will be considered further, together with a
local shear failure analysis, and the results compared with those presented in

Figure 5.8.

Vesic (1972) calculates the end bearing resistance of driven piles in
terms of the ambient stress level, the internal angle of friction for the

soil, and the rigidity index, Ir’ defined as

1. =G/ (pé tané) L. (5.4)

vhere G is the soil shear modulus and pé the ambient (mean) effective stress
level. The solutions allow for volumetric compression during plastic shearing
of the soil, and are therefore particularly attractive for calcareous soils.
As the mean effective stress level increases, the rigidity index of the soil
decreases, and there will also be a greater tendency for volumetric
compression to occur during plastic shearing. Vesic’s work has been extended
by Baligh (1976) and Carter et al. (1985), but the solutions presented herein
have been based on Vesic’s original work, using the relationships presented in
Chapter 3 for the wvariation of friction angle and elastic modulus with
confining pressure, and supplemented with volumetric strain data trom Poulos

and Chua (1985). The results arc presented in Figure 5.9.
A local shear failure mechanism has also been evaluated, and uses Vesic’s

rigidity index concept to provide a rigidity factor for the general shear

failure solution, usually represented as
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where qy, is the end bearing pressure, Nq a bearing capacity factor, and 0; the

effective overburden pressure.

Kulhawy (1984) discusses this local shear failure mechanism and based on

Vesic’s (1977) work introduces the term Eqr as a rigidity factor to give: -

The local shear bearing stress has been evaluated as set out in Kulhawy (1984)
and the results are presented in Tigure 5.9, which indicate that the spherical
cavity expansion forms a lower bound solution to the laboratory results. A
similar trend was observed by Poulos and Chua (1985) for model footing tests

on calcareous sand.

As stated in Section 5.3.1 the «conventional design approach is to
introduce limited values, and this iz the case for end bearing as well as skin
friction. The most widely used guidelines are¢ those of the American Petroleum
Institute, APT RP2A (1984), who make no specific recommendaticns for
calcareous soils, but Dennis and Olson (1983), on who’s database of pile load
tests the API regulations are based, have proposed some values for calcareous
soils, Nq = 8 1o 12. Also Darta et al. suggest an Nq of 20 and a limit
bearing pressure of 3 MPa, while McClelland (1974) recommends a limit bearing
pressure of 4.8 MPa. These results are plotted on Figure 5.9 for comparison

-

(assuming K, = 0.5).

In the light of the experimental results it would seem best to model the

end bearing as a pover function of the ambient mean stress.



CHAPTER 6 TESTS ON SINGLE CEMENTED LAYERS

6.1 Introduction

The results of a basic test series which encompassed the extremes of the
proposed investigation in terms of layer strengths, layer thicknesses and
confining stresses are presented in this chapter. The other sections detailed
are developments based on the initial test series, and will be introduced

individually.

It is considered beneficial to discuss briefly the general method of

sample preparation and the format of the results presented.

Single layer tests consisted of a single cemented laver within a sample
of uniform sand. The cemented layer was placed at the mid height of the test
chamber by forming first a bottom layver of uniform saund, onto which was placed
by hand the preformed cemented layer, having previously levelled the sand
surface. Minor adjustments were then made to the cemented layer top surface
to maintain level. The distance from the top of the test chamber to the top
of the cemented layer was measured and recorded. Sand was uniformly placed on
top of the cemented layer to the top of the test chamber. The top plate was
fixed, the sample stressed by application of the wvertical and lateral
confining stresses (following the procedure given in Section 4.2.1). The
jacking mechanism and instrumentation were attached and the model pile was
brought in contact with the top of the sand surface. The model pile was then
jacked into the sample at a rate of 0.1 mm/s, and readings from the load cell
at the top of the pile and the displacement transducer were digitally recorded

at specified displacements, usually 0.5 mm while penetrating the sand, and 0.2



mm when the pile was within three diameters of the cemented layer {as

discussed in section 4.6.2).

Before adopting this procedure a number of preliminary tests was
performed to identify and eliminate any potential sources of error. By using
thin steel rods attached to the top of the cemented layer the movement of the
layer during application of the confining stresses was monitored. A maximum
vertical upward movement of 2 mm occurred under maximum confining stress
conditions, depths to cemented layers were consequently adjusted to compensate
for this effect. The movement of the cemented layer was monitored during pile

penetration, and was found to be negligible.

Initially the cemented Ilayers were cast 400 mm in diameter, but after
performing some initial tests to identify the extent of the failure zone their
diameter was reduced to 250 mm. Comparative tests showed that this diameter

reduction had no effect on the load-penetration response.

This study is directed at the drained behaviour, therefore tests were
performed at jacking rates slowver than 0.1 mm/s to ensure that drained
conditions occur. No significant difference in response was noted and 0.1

mm/s has been used for the majority of the tests.

The standard format of the test results is illustrated in Figure 6.1.
Pile penetration is represented in terms of pile diameters relative to the top
of the cemented layer, which 1is taken as the datum. The bearing stress
represents the Jjacking force measured at the head of the pile divided by the
area of the end of the pile (skin friction having been shown to make a
negligible contribution). A continuous profile of bearing stress variation
with penetration is shown, and typically consists of 500 data points. VWhere

no cemented layer 1is present then the response represents the steady state



behaviour for carbonate sand, as previously discussed. Where a cemented layer
has been tested then its thickness is represented by an arrow ‘, and the test
vas usually terminated just after penetration of the base of the sample to

allov physical examination of the failure mechanism.

6.2 Results and observations of basic test series

The aim of the basic test series was to identify and categorize the
likely failure mechanisms and their controlling parameters. To limit the
number of variables the following investigation parameters were adopted. The
confining stresses were limited to "low’ (vertical stress 50 kPa) and "high’
(vertical stress 500 kPa), with a KO value of 0.5 used for all tests. The
tests were carried out using the ’‘weak’, ’‘medium’ and ’'strong’ cemented
materials previously defined. Layer thicknesses were 'thin’ layer (0.5 pile
diameters) an ’intermediate’ layer (1.5 diameters) and a 'thick’ layer (5.0
pile diameters) 1in which failure purely in the cemented layer was assumed to
prevail (discussed later). Subsequently two tests were performed on layers
3.0 pile diameters thick, and these have been included in this test series.
All the tests were performed using a 16 mm diameter solid section model pile
(i.e. closed end analogy) and a summary of the tests performed is given in

Table 6.1, including the tests on sand alone.
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Table 6.1

Test Vertical Lo Cemented Layer Cemented Layer

No. Stress Strength Thickness * D
(kPa) (Classif.) (D=pile diam.)

23 50 0.5 - -

D10 S00 0.3 - -

D4 .30 2.3 Jeak 7.3

D6 30 0.5 Weak 1.5

D7 s 0.5 Jeak 3.0

D17 500 9.5 Jeak 0.3

D16 300 n.3 Jeak 1.5

D20 300 2.5 Jeak 5.0

T 3 0.3 Medium 0.5

2 30 0.3 Medium .3

g 30 0.3 Medium 3.0

3 300 0.5 Medium 0.3

F11 300 7.3 MYedium 1.3

=11 300 0.3 Medium 5.0

D8 30 0.3 Strong 0.5

D9 s0 0.3 Strong 1.5

E21 50 0.5 Strong 3.0

D21 30 0.5 Strong 3.0

D18 200 3.5 Strong O.é

019 500 0.3 Strong 1.5

F2 300 2.5 Strong 3.0

D26 S00 0.3 Strong 5.0

The results are presented in Figures 6.2 to 6.7, where tests with similar
strength and confining stress conditions are grouped together, so that each
Figure shows several cemented layer thicknesses. Consistent behavioural
patterns are evident and also, important mechanism changes are apparent.
Figures 6.2 and 6.3 show the results for the ’'weak’ material at ’low’ and
*high’ confining stresses, Figures 6.4 and 6.5 the 'medium’ material at 'low’
and ’‘high’ confining stresses, and Figures 6.6 and 6.7 the ’strong’ material

at "low’ and ’'high’ confining stresses.

With the exception of Figure 6.3, which will be discussed later, the
results present consistent ‘failure’ patterns controlled by the thickness of
the cemented layer. As the pile penetrates the carbonate sand a steady state
bearing stress 1is achieved, as defined in Chapter 5, and dependent on the

confining stress level. However, when the pile is approximately two and a



half diameters from the top of the cemented layer the bearing stress begins to
increase 1i.e. the pile 1is =sensing the cemented layer. The bearing srre<s
continues to increase with penetration, at a rate dictated by the strength of
the cemented layer (discussed 1in section 6.4), until failure occurs. The
point at which failure occurs is governed by the thickness of the layer and
significantly, occurs above the cemented layer for layers of less than three
diameter thickness, i.e. before the pile has penetrated into the layer. This
result 1is consistent with the observations of a bulb of crushed material in

the carbonate sand tests, and discussed in Chapter 5.

This behaviour is consistent up to the failure point, the behaviour after
failure, or post-peak, is very much controlled by the strength of the cemented
sample and the magnitude of the confining stresses. Reference should be made
to the triaxial tests carried out on the cemented samples and discussed in
Section 3.3.8 of Chapter 3, where it was shown that the magnitude of the

confining stress relative to the sample strength dictated the subsequent

compression failure mode. This failure mode changing from brittle strain
softening behaviour, ro ductile <train hardening behaviour. Similar
characteristics can be observed in Figures 6.2 to 6.7. Consider Figure 6.6,

here the results clearly shov a sharp peak and a decreasing post peak
response. Figures 6.2, 6.4, 6.5 and 6.7 show various stages of the brittle to
ductile transition, and Figure 6.3 clearly shows a ductile strain hardening
response which has even masked out the effect of thickness variation. In
addition to the characteristics of Figures 6.2 to 6.7 different failure
mechanisms are evident on exposure of the underside of the cemented layers
after the tests. Plates 6.1 to 6.6 show the failure mechanism for the test
results represented in Figures 6.6 and 6.3. The brittle type bearing stress
response vrepresented 1in Figure 6.6 is shown by Plates 6.1 to 6.3, wvhere the
three layer thicknesses tested (0.5, 1.5, 5.0 pile diameters) all show

consistent patterns of failure i.e. the formation of radial and



circumferential cracks. The vresults represented in Figure 6.3 are shown in
Plates 6.4 to 6.6, and illustrate the plastic flow of the ductile mechanicem
with no fracture cracks evident (the cracks shown in Plate 6.4 are due to
sample extraction). Again the features are consistent for the three layer
thicknesses tested (0.5, 1.5, 5.0, pile diameters).

P

The contrasting mechanisms are schematically illustrated in Figures §.8

and 6.9 , and show the cone of material formed at the tip of the pile, this
spherical
cone tending to be more K/ in the case of the ductile mechanism. i was

not clear whether this material was from within the cemented layer or .erh=zos

the bulb of crushed sand simply pushed through the cemented layer. In order
to clarify this uncertainty a small amount of blue dye was introduced Intc the
water used to manufacture the cemented layer, resulting in a blue .cisured
cemented layer. A number of tests was carried out using such lavers zng

showed that the cone formed at the tip of the pile was formed from the

originally cemented material (i.e. the cone was coloured blue).

After failure the response tends towards the steady state behavicur of
the model pile in carbonate sand. The actual mechanisms of failure will be

discussed in greater detail in section 6.5.

There is a number of important features highlighted by the bhasic test

series, and further tests discussed in the next sections have beern -+ {.rined

to investigate these features.

6.3 Tests on piles embedded at the top of the cemented layer

It was noted in the previous section that where an effe = .o ¢
thickness was apparent then failure occurred prior to the pile resching the
cemented layer. This has an important effect when considering driver 3il

but what of drilled piles, where no crushed materials can form berez h “he
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pile tip during installatrion, and the pile is loaded from the top of the

foundation stratum? Will the same failure patterns emerge for this case?

In order to investigate the behaviour of drilled piles a series of tests

were carried out as detailed in Table 6.2.

Table 6.2
Test Vertical Ko Cemented Layer Cemented Layer
No. Stress Strength Thickness = D
(kPa) (Classit.) (D=pile diam.)
E2S 50 0.5 Strong 0.5
£24 30 0.5 Strong 1.5
Tv18 50 2.5 Strong 3.0
£23 3 2.5 Strong 5.0
226 300 0.3 Strong 0.5
1 300 2.5 Strong 1.3
Vil 300 2.5 Strong 3.9
316 500 2.3 Strong 5.0

The ‘strong’ material was tested at ’‘low’ and ’'high’ confining stresses,
with tests conducted using cemented layer thicknesses of 0.5, 1.5, 3.0 and 5.0
pile diameters. The analogy with a drilled pile was achieved by embedding the
model pile during sample preparation, i.e. the bottom sand stratum was formed,
the cemented layer placed in position with the model pile resting directly on
top of the layer and restrained from moving while the upper sand stratum was
formed. The testing chamber top plate was placed over the protruding model

pile and the jacking mechanism attached.

The ‘low’ <confining stress tests are presented in Figure 6.10 and the
"high’ confining stress tests in Figure 6.11. Failure patterns are evident,
"but the importance of the steady state condition of the underlying material

(shown as the broken line) is clear.

For the ’low’ stress condition (Figure 6.10), the 0.5D (D = pile

diameter) layer hardly makes a contribution to bearing stress response, the
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1.5D, 3.0D and 5.0D however, all show the brittle peaks at failure before
tending towards the steady <state =stress in the underlying sand. If this
steady state 1s 1ncreased (by increasing the confining stresses) then the
effect can be seen in Figure 6.11. Now the limit bearing stress is not
influenced by the 0.5D or the 1.5D cemented layer, but the limit value for the
3.0D 1layer has been increased. Quantitatively. the results of Figures 6.10
and 6.11 should be compared with Figures 6.6 and 6.7, and it can be seen that
there is a significant difference 1in peak values of bearing stress and in
response characteristics. This comparison of driven and drilled piles raises
significant questions with vrespect to design applications, as does the fact
that for the drilled tests, depending on the steady state stress of the
underlying weaker material, ’strong’ layers of significant thickness do not
control limit state calculations. Such considerations will be discussed in

greater detail in Chapter O "Application to Design’.

The one consistent feature between the drilled and driven tests was the
observed failure mechanism, with similar characteristics being evident on the
underside of the samples after testing. This is ewpected, as it is the layer
strength and confining stress which dictate the failure mode, and these were

the same for both sets of tests.

6.4 Behaviour of a pile in an infinitely thick cemented layer

It was originally assumed rthat a cemented layer five pile diameters
thick would be similar in behaviour to an infinitely rhick layer, and failure
within this layer would not be subject to any effects of thickness. 1In order
to verify this assumption a cemented layer was made eight and a half diameters
thick and tested ('weak’ strength at ’low’ confining stress). The result is
shown in Figure 6.12 together with a comparative 5.0D test, previously shown

in Figure 6.2. Clearly the results are similar and the peak bearing stress

[
0]



achieved therefore represents in this case a limit state value for an infinite
cemented layer thickness. An important observation is also the point ai which
departure from this limit state occurs, and this is shown to be wheu the pile
is approximately three and a half diameters from the base of the sample.
Therefore, this must represent the extent of the stressed zone within the
sample during penetration, the departure occurring as this strcased zone
senses the underlying weaker material. If the results for the 5.0D tayoers ip
Figures 6.2, and 6.4 to 6.7 are studied it will be seen that ibvic 4 &

consistent feature.

If the 1limit state value for the ’‘weak’, ‘medium’ and ’strong’ material
is quantitatively assessed then an important feature can be obscrved By

comparing the 5.0D layer results in Figures 6.2 and 6.3, 6.4 and 6. & « ud

6.7, and 6.10 and 6.11, it can be seen that the peak values are comparahic {or
similar strength material i.e. the confining stress has little or no ¢iicit on
the 1limit state wvalue (it should also be noted that the confining :iress
does significantly affect the results where layer thickness effeci: nocin)

In order to investigate this behaviour further a series of tests was carried

out as detailed in Table 6.3.

Table 6.3
Test Vertical Ko Cemented Layer Cemented Layer
No. Stress Strength Thickness * D
(kPa) (Classif.) (D=pile diam.)
E9 20 0.5 Medium 5.0
£10 220 0.s Medium 5.0
211 200 0.3 Medium 5.0
E2 30 0.5 Strong 5.0
23 25 0.3 Strong 5.0
24 300 0.3 Strong s.0
K1 250 0.25 Medium 5.0
K2 250 0.5 Medium 5.0
K3 250 1.0 Medium 5.0
Ké4 250 2.0 Medium 5.0
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Again a 16 mm diameter solid section model pile was used, and ’'medium’
and ’strong’ 5.0D thick cemented layers were tested at three different
confining stresses. The effect of varying KO wvas studied by testing a
'medium’ strength 5.0D layer at KO values ranging from 0.25 to 2.0, using a
maximum confining stress of 250 kPa. The results are presented in Figures
6.13 to 6.15, and showv that even though the confining stress controlled the
type of failure mechanism i.e. brittle or ductile, it had little effect on the

limit state bearing stress. Consequently, variation of KO also showed little

effect.

The limit state bhearin stress for the ’'strong’, 'medium’ and ’weak’
g ]

samples created for this study can be correlated with the Rod Index Test, P

8

Stress (section 3.3.3) by the equation:-

P
—Cl}:194[8}~3420 ..... (6.1)
Pa Pa
where P, - atmospheric pressure, and for (P8 / pa) > 18
q = cemented layer limit state bearing slress
cl :

6.5 Faillure mechanisms

From the results presented so far, there is a number of observations
wvhich can be made regarding the failure mechanisms for a pile jacked into a

single cemented layer within a sand stratum:-

(i) the cemented layer begins to contribute to the bearing stress response
when the pile is approximately two and a half diameters above the top

of the cemented layer.
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(ii) the rate at which the bearing stress increases as the pile approaches
the cemented layer is dependent on the strength of the cemented laver
and the confining stress level.

(iii) for an infinitely thick cemented layer a limit state bearing stress is
reached within the cemented layer, this limit state is reached at a
penetration of about half a pile diameter for a pile jacked through a
stratum above the cemented layer, and at one and a half diameters for a
pile jacked from the top of the cemented layer.

(iv) for a cemented layer of thickness comparable to those previously
presented (i.e. 0.5, 1.5, 3.0 pile diameter) then failure may occur
prior to this limit state, and before the pile tip has penetrated the
cemented layer.

(v) the possible limit state value for a cemented layer is independent of
the confining stress state, and is controlled by the strength of the
cemented layer.

(vi) the 1limit state 1is maintained within a cemented layer until the pile
tip 1is three and a half diameters from the base of the layer, where it
responds to a change in underlying material, and for the case of sand,
the bearing stress tends towards the steady state stress for the
carbonate sand.

(vii) the nature of the failure mechanism has been described as brittle or
ductile, and 1is controlled by the level of the confining stress

relative to the cemented layer strength.

In order to supplement this information a number of additional tests was
performed, specifically aimed at investigating the failure mechanisms at
various stages of their formation. These tests were carried out using a 16 mm

diameter solid section pile and are detailed in Table 6.4.



Table 6.4

Test VYertical Ko Cemented Layer Cementad Layer

No. Stress Strength Thickness * D
(kPa) (Classif.) (D=pile diam.)

K9 30 0.3 Medium 5.0

K10 50 0.3 Medium 5.0

X5 250 0.3 Medium 5.0

K€ 250 0.5 Medium 5.0

K7 250 0.5 Hedium 3.0

X8 250 0.5 Medium 3.0

By replacing the cemented layer with a 10 mm thick steel plate an
infinitely strong cemented layer was modelled. Tests were carried out at
three different confining stress states and provided additional information on
the bearing stress increase as the pile tip approaches a layer. The results

are presented in Figure 6.16.

Figure 6.17 shows the results of the six tests carried out on medium
strength cemented layers, five pile diameters thick and tested at ’low’ and
'medium’ confining stress levels. For the two tests at 'low’ confining stress
level, where a brittle type failure occurred, the pile was stopped at
penetrations of one and a half and two and a half diameters into the cemented
layer. For the tests at ‘medium’ confining stress level the pile was
terminated one and a quarter diameters above the top of the cemented layer, at
the layer surface, and one and a half and two and a half diameters into the
cemented layer. The mechanisms observed are schematically represented in

Figures 6.18 to 6.20.

Figure 6.18 shows the development of the mechanism for a brittle type
failure. Figure 6.18(a) shows a section through the cemented layer at failure
and it can be seen that the fracture cracks have radiated to the base of the

sample and precipitated failure. The punched-out section is shown in Plate
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6.7, and 1is very similar to those observed by Braestrup (1979) who studied
punching shear 1in concrete slabs (further analogies with this work vill be
discussed in Chapter 9). As penetration continues Figure 6.18(b) shows that
the pile indents into the punched out section causing more extensive crack
propagation within the section. The final condition on full penetration is
shown in Figure 6.18(c¢) and Plate 6.8, and represents the full indentation of

the pile into the punched out section.

For the ductile tests Figure 6.19 shows the mechanism of loading prior to
penetration, and before the limit wvalue 1in the cemented layer has Dbeen
reached. Zones where the fabric of the cemented material has been modified
were identified by close inspection with a hand magnifying glass. Such
changes could be readily identified and obviated the need to employ thin
section and petrographic techniques. The identification of such zones was
particularly important for the ductile mechanisms due to the lack of fracture
(shear) cracks. Figure 6.20 shows the continued penerration of the pile into
the cemented layer at penetrations of one and a half and two and a half

diameters, and full penetration.

The difference between the two deformation mechanisms i.e. brittle and
ductile, 1is clearly apparent, and characterized by the presence of a fracture
crack at the boundary between the modified (crushed) and normal soil fabric
for the brittle mechanism, and the appearance of significant plastic flow for
the ductile mechanism. This behaviour is similar to that described for the

Rod Index Tests (section 3.3.3) and detailed in Plates 3.6 and 3.7.

The mechanism formation has been described tor a cemented layer thickness
sufficient to allow failure to occur within the layer. TIf the thickness of
the layer is reduced, causing failure prior to reaching a limit value for the

layer strength, then the mechanism formation is seen as similar to that




described above, with premature failure resulting from the pile tip sensing
the bottom of the sample. This behaviour will be quantified irn Chapter 9, as

will all other quantifiable facets of the behaviour presented in this chapter.



CHAPTER 7 VARTATION OF PILE GEOMETRY

7.1 Introduction

Whilst a case has been presented for using a 16 mm diameter solid seciion
model pile (section 4.1), it was necessary to examine some variations o ihis
geometry by testing different diameter model piles, and varying the wnaiuvre of

the pile type i.e. considering an open ended section or a cone tipped scciion.

Significant changes 1in the order of magnitude of controlling parameters
should be examined 1if scale effects are to be studied. However, chaygen in
such parameters can only be achieved within the limits of the sviiishia
testing equipment. Consequently, a series of tests has been car:iicd out
using 8 mm and 32 mm diameter sections.

7.2 Variation of pile diameter

Table 7.1 summarizes the tests «carried out using the 8 mm and 37 mm
diameter solid section model piles. The tests have been <cwioiiro i
carbonate sand at various stress levels, and on single cemented iayois of a
variety of strengths and thicknesses.

Table 7.1
Test | Pile Vertical Ko Cemented Layer Cemented Layer
No. | Diam Stress Strength Thickness * D
(kPa) (Classif.) (D=pile diam.)
sc1 | 8 50 0.5 - -
sc7 | 8 200 0.5 - -
sC1S| 8 500 0.5 - -
sce | 8 0 0.5 Veak 1.0
SC8 8 50 0.5 Veak 3.0
SCI 8 50 0.5 Weak 5.0
SCS 8 <0 0.5 Strong 1.0
sC3 8 50 0.5 Strong 3.0
sc2 8 S0 0.5 Strong 10.0
sca |32 5 0.3 - -
sCi0| 32 50 0.5 Yeak 0.5
sci1| 32 S0 0.5 Yeak 1.5
SCl2 32 S0 0.5 Strong 0.5
SCi71 32 S0 0.5 Strong 1.0
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The results of the carbonate sand tests are compared with the results
achieved for the 16 mm solid section model pile in Fignre 7.1. in wvhich
'steady-state’ bearing stress 1is plotted against mean confining stress. In
addition to the good agreement of 'steady-state’ values, the relative
dimensions of the wvisible bulb of crushed material formed beneath the
advancing pile vere also comparable,i.e. one diameter wide and one and a half

diameters deep.

The results of the cemented layer tests are shown in Figures 7.2 to 7.5.
Figure 7.2 shows the vresults for the 8 mm diameter pile jacked into ’‘weak’
cemented layers, one, three and five diameters thick at low confining stress
level (c; = 50kPa, Ko = 0.5). These results should be compared with Figure
6.2 which represent 16 mm diameter tests carried out within the same limits.
Peak bearing stresses and failure patterns were similar for both diameters.

Also, the type of failure mechanism was similar i.e. ductile.

Figure 7.3 shows the vresults for the 8 mm diameter pile jacked into
’strong’ cemented layers, one, three and ten diameters thick and again at low
confining stress level. These results should now be compared with Figure 6.6
where again similar peak bearing stresses, failure patterns and type of
failure mechanism (brittle) were observed. The ten diameter thick cemented
layer test provides additional support for the limit state concept of an
infinitely thick cemented layer discussed in section 6.4. Previously an eight
and a half diameter thick ’'weak’ layer was tested, within which the bearing
stress was shown to reach a limit state, failure being characterized by a
ductile type mechanism. The ten diameter thick cemented layer test shown in
Figure 7.3 has induced a brittle type failure mechanism, but a limit state

bearing stress is still maintained, although the response is more ’peaky’.
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Figures 7.4 and 7.5 show the limited number of tests performed using the
32 mm diameter solid section model pile. By making similar comparisons to the
results of the basic test series as previously discussed, then consistent
features are evident, and the vresults for the different diameters are

comparable.

The results have shown that 8mm, 16mm and 32mm diameter solid section
model piles produce similar patterns of behaviour for the stress range and

material types tested.

7.3 Variation of pile type

Variation of the pile type was based on a 16mm diameter section, and the
pile types considered were an open ended section, and a 60° cone tipped
section. The details of these piles have been previously defined in section
4.4, and doubts about the use of an open ended section have been discussed in

section 4.1. The tests carried out using these two types of model pile are

shown in Table 7.2.

Table 7.2
Test | ?ile Jertical <o Cemented Layer Cemented Layer
No. | Type Stress Strength Thickness = D
(kPa) {Classif.) (D=pile diam.)
V6 Open 20 1.3 - -
V8 | Open =0 0.5 Jeak 7.3
T4 Open 30 0.3 Veak 1.3
T3 Open 20 0.3 Jeak 5.0
™9 | Oven 20 3.5 Strong 0.3
™S | Open 50 3.3 Strong 1.3
™7 | Jpen 30 2.2 Strong 3.0
T716 | Cone 30 0.3 - -
TV22 | Cone 30 2.5 Jeak 2.5
TV20 | Cone 0 3.3 Weak 1.3
T72S | Cone 20 3.2 Jeak 2.9
TV22 | Cone z0 0.3 Strong 9.3
TV21 | Cone 0 9.5 Strong 1.3
V29 | Cone 30 5.3 Strong 5.0
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7.3.1 Open ended section

The results of the open ended model pile tests are shown in Figures 7.6
and 7.7, where the abscissa has been changed from bearing stress (as shown in
previous Figures) to jacking force. This 1is because of the difficulty in
assessing the appropriate bearing area of the open-ended section. The ratio
of the end bearing area of the open ended section to the solid section model
pile is 12.17%, and in order to determine if this ratio was consistent for the
tests carried out a comparison was made with the 16 mm diameter solid section
results given in Chapter 6 by Figures 6.2 and 6.6. Direct comparisons which
can be made are the steady state value in the carbonate sand and the limit
state value in the five diameter thick cemented layer, for which force ratios

have been determined and are shown below:-

Force ratio for steady state value in carbonate sand = 22.9%
Force ratio for limit state value in ’'weak’ material = 38.7%
Force ratio for limit state value in ’'strong’ material = 25.3%

(Note: contribution of skin friction assumed negligible).

Clearly, the results are inconsistent with the bearing area ratio. Also,
the open ended section was observed to remain unplugged during installation in
the carbonate sand and partially plugged during installation through the
cemented layer. It must be inferred that, as feared, the geometry of the open
ended section has resulted in a scale effect problem. However, qualitatively
the results do exhibit some consistent features; such as load pick up prior to
reaching a cemented layer (for this case two and a half diameters above the
top of the cemented layer), thickness effects causing failure prior to
penetration of the cemented layer, and the load decrease at two diameters from

the base of a ’"thick’ cemented layer.
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No firm conclusions can be made regarding the behaviour of an open ended

section model pile.

7.3.2 Cone tipped section

In order to investigate 1if a change in the shape of the pile tip was
significant a number of tests were carried out using a 60o cone tip. This was
chosen to consider the implications of using a cone penetrometer in-situ. The
results of the tests carried out are shown in Figures 7.8 and 7.9. The solid
lines represent the results based on the penetration of the tip of the cone
and the broken 1lines represent the results based on the penetration of the
shoulder of the cone. If the ’shoulder’ vresults are compared with the
corresponding tests wusing the 16 mm diameter solid section pile shown in
Figures 6.2 and 6.6 it can be seen that there is good qualitative and
quantitative agreement. Additionally, it was observed that the bulb of
material formed at the base of the model pile had enveloped the cone tip
(Figure 7.10). Therefore, apart from the initial penetration of the carbonate
sand (where a slight reduction in penetration required to reach steady state
was observed - not shown in the Figures) the cone tip has made no change to
the bearing stress response, and it is the effective diameter of the cone tip
(i.e. 16mm) which has dictated the bearing stress. This behaviour was

consistent for the material types and cemented layer thicknesses tested.
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CHAPTER 8 TESTS WITH SPECIAL APPLICATIONS

8.1 Introduction

A number of special application tests Wwas carried ouf «itner as
extensions of the tests discussed previously, such as multiple layer tesis and
embedded pile tests, or as comparative tests, such as the tests where the pile
was 1installed by driving rather than jacking. A series of tezive for
comparison with numerical analyses was included. The details and resulis ot

such tests are discussed in the following sections.

8.2 Tests on multiple cemented layers

The tests discussed so far have all been performed using single cewmented
layers placed in a uniform sand stratum i.e. sand above and below. Howrver,
in practice this 1is not usually the case; a more realistic profile coriains
cemented material of a variety of strengths and thicknesses. Having built up
a data base of tests using single cemented layers, and gained an understanding
of the dominant behavioural mechanisms, the multiple layer problem was
approached, the main aim being to establish if superposition procedures could
be applied to multi-layer systems based on single layer tests. The geometries
of the multi-layer systems were based on the stratigraphic details i the
North Rankin ’A’ platform foundations, and it was.hoped that the results would
provide information relevant to the design of the platform. Details of the

tests performed are given in Table 8.1.



Table 8.1

Test Jertical <o Cemented Layer Cemented Layer
No. Stress Strength Thickness * D
(kPa) (Classif.) (D=pile diam.)

Z8 200 2.3 Strong/Jeak 1.3/73.5
(full penetration)

£18 20 2.3 Weak/Strong 3.53/1.5
(£ull penetration)

™17 SQ0 2.5 Strong/Weak 0.7/3.0
(penetration Zrom top of cemented layer)

™10 300 0.5 Strong/Weak 1.3/3.5
(penerration from top of cementad layer)

Two layers were combined to form a double layer system, this being
achieved by casting the cemented layers independently then roughening the
contact surfaces and joining the two layers by applying a thin coat of gypsum
plaster to the contact surface. This technique proved successful in producing

a double layer unit.

Figure 8.1 shows the result for a ’strong’ layer one and a half diameters
thick overlying a ‘weak’ layer three and a half diameters thick with the
system tested at a high confining stress. The results should be compared with
Figures 6.3 and 6.7 in which similar features for the strong layer are clearly
evident i.e. failure’ above the cemented layer, and fall off to the steady
state stress of the wunderlying material, which in this case is that of the
carbonate sand. The weak material has therefore had minimal contribution to
the bearing stress response. It is perhaps useful to explain this in terms of

a step by step account of the load build up.

As the pile approaches the cemented layer an increase in resistance
begins to occur at approximately two and a half pile diameters above the
cemented layer. This increase 1is continued until failure of the ’‘strong’

layer occurs, i.e. approximately half a diameter above the cemented layer
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(point A on Figure 8.1). Up to this point the behaviour has been similar to
that of Figure 6.7. The weak material is now controlling the load response,
which tends towards the 1limit state value of the weak material at high
confining stress level (given by Figure 6.3). This is shown by section A-B of
Figure 8.1. At point B the pile is three and a half diameters above the base
of the weak sample, and from the previous results presented, we should expect
a drop off to the steady state of the underlying material, which is

represented by section B-C in Figure 8.1.

The sample configuration was then inverted i.e. ’weak’ over ’strong’ and
the confining stress dropped to a low condition to give the result shown in
Figure 8.2. As with the previous result the initial behaviour is dictated by
the wupper cemented layer (in this case of 'weak’ strength). The limit state
value reached should be compared with that of Figure 6.2, and can be seen to
be consistent. VWhen the pile penetration reaches half a diameter the pile tip
is within the important three and a half diameters from the base of the weak
layer and would be expected to sense the strong layer. However, although some
fluctuation of response 1is noted, the ’strong’ layer does not seem to
influence significantly the bearing stress until the pile is two and a half
diameters from its top surface. The response continues to 1increase,
controlled by the strong layer until the pile tip is just over three diameters
from the base of the sample, and this induces failure and a drop off to the

steady state stress of the underlying carbonate sand.

Two other tests were performed where the pile was embedded at the top of
the cemented layer, and penetration was commenced from this point, as
discussed in section 6.3. The results are shown in Figure 8.3 and should be
compared with Figure 6.11. It can be seen that the results are comparable,
with the ’weak’ underlying material not influencing the bearing stress

response of the ’'strong’ layer, but simply providing an underlying limit state
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(wvhich 1is almost indistinguishable from the carbonate sand steady state

value).

This section has shown that multiple layers behave in a consistent

manner, and that the behaviour of single cemented layers can be used to

predict the behaviour of multi-layered systems.

8.3 Test on a pile embedded into a cemented layer

A test was devised to provide an analogy with a full scale ’'rock insert’
type pile. This was achieved by casting a short section of 16 mm solid
section model pile into the cemented layer. VWhen cured this section of model
pile was removed, leaving an opening into which a full length model pile could
be inserted. A five diameter thick ’'strong’ cemented layer was manufactured
with a 1.5 diameter insert. The cemented layer and embedded model pile were
built into a sample in the test chamber and tested at a low confining stress

level (0& = 50 kPa, KO = 0.5). The result of the test is shown in Figure 8.4.

By comparing the results with Figure 6.10 it can be seen that the
embedded insert pile behaved in a similar manner to the piles embedded at the
top of the cemented layer, indicating that there appears to be no advantage in
embedding a pile into a cemented layer (although in practice this may be done

to overcome surface weathering or for other reasons).

8.4 Tests on piles installed by a driving rig

A jacking mechanism was used to 1install the model piles to allow
continuous vrecording of jacking force during penetration. However, as the
majority of piles are installed in the field using dynamic techniques it was

considered sensible to carry out a number of tests wusing a dynamic
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installation technique. A model pile driving rig has been constructed for a
previous project. Details of the driving rig are given by Gue (1984} und
essentially the rig provided a mechanism for applying a constant rate of blows
to a model pile by dropping a specified weight (hammer) through a controlled
drop height. This mechanism was considered adequate to simulate dynamic

installation techniques.

The main aim of this comparative series was to investigate if the
characteristic features observed for jacking installation would be reproduced
during driving installation. These characteristic features were identified as
the bulb of crushed material formed beneath the pile tip during installation
in carbonate sand, and the mode of failure of a cemented layer during pile

penetration.

To 1investigate the behaviour in carbonate sand two tests were performed.
A carbonate sand sample was prepared in the test chamber and stressed to a
vertical confining stress of 200 kPa (Ko = 0.5). A 16 mm diameter solid
section model pile was dynamically installed into the sample over its full
length at approximately 15 blows/diameter (i.e. a steady state was reached),
after installation the sample was examined for evidence of a crushed bulb oi
material beneath the ‘pie tip. A bulb of crushed material was found, but of
approximately half the dimensions of that observed for jacked installation.
In order to investigate this behaviour further a second test was performed
using the same test conditions and the same model pile, but this time the pile
wvas dynamically installed to a penetration of approximately 100 mm, and then
jacked from this penetration. The result is shown in Figure 8.6 where it can
be seen that a penetration of approximately two diameters is required to reach
the steady state bearing stress for the carbonate sand. This should be

compared with the four diameters previously identified in section 5.2 for ful.
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formation of the crushed bulb, and indicates that the bulb of crushed maierial

is partially formed during dynamic installation, as previously observed.

To study the behaviour of a cemented layer under dynamic penetration of a
model pile, a sample with a one and a half diameter thick ’‘strong’ cemented
layer was tested at a vertical confining stress level of 200 kPa <Ko = 0.5)
The result is shown in Figure 8.7 on which the comparable result for =z driven
pile in sand only is also shown. It can be seen that a significant :ncrease

in blow count 1s required to penetrate the layer, this value heing

about four and a half times the result in sand, and this is comparabt:c wiin
the jacked installation results. The failure mode observed was similar to
those previously identified, for this strength and confining stress ..id-iion
a brittle type failure with radial and circumferential crackinp i the

cemented layer.

From these tests it 1is inferred that within the limits of the .esiing

equipment similar results would be achieved by using a driving rig *o .wsiall

the piles as have been achieved by using a jacking mechanism for installation.

8.5 Tests for comparison with numerical analyses

As part of the foundation studies for the North Rankin Projec: :mphasis
was placed on producing a numérical model of the foundation mater: .- This
work was primarily carried out by Fugro B.V. Ltd and is detailed in Fugro
(1986). Tests were carried out for comparison with the analysis. To carry
out this exercise the laboratory material must be fitted into the strength
classification of the North Rankin materials, and this is done in 7=: - » 8 2

based on the Rod Index Test (RIT) bearing stress at 8 mm displacemen? ¥
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Table 8.2

North Rankin RIT, P8 Oxford Material
Category (MPa) (P8, MPa)
5 >24
4 16 - 24
3 12 - 16 "strong’ (12.3)
2 8 - 12 "medium’ (8.D)
1 <8 "weak' (6.0)

It can be seen that the Oxford material is comparable to the lower
strength North Rankin material. However, having identified the strength to
confining stress ratio as a major controlling parameter, and for an in-situ
vertical effective stress of 910 kPa (130 m below mud line) compared to a
maximum vertical confining stress of 500 kPa in the test chamber the strength

(RIT) to stress (vertical) ratios are shown in Table 8.3.

Table 8.3
NORTH RANKIN , , OXFORD
Category RIT,P8(MPa) P8/cV P8/0V RIT,P8(MPa) Category

5

24 26.4 24.6 12.3 'strong’
4

16 17.6 17.0 8.5 "medium’
3

12 13.2
2 12.0 6.0 "weak’

8 8.8
1

The physical modelling was therefore based on the following comparison:-

North Rankin Category 5,4 3 2,1

Oxford Category strong medium weak
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with a quantitative sealing factor of 0.6 between the strengths and stresses

used in the Oxford tests compared to the North Rankin prototype.

The numerical model vrequired the specification of boundary conditions.
The problem was considered as axisymmetric with a free vertical boundary
placed at a radial distance of three diameters from the centre line of the
pile and the material beneath the pile tip terminated at a distance of two
diameters by a fixed rough boundary. In order to model such boundary
conditions, a container was manufactured to simulate the boundary restraints.
The container 1is shown in Figure 8.8 and Plate 8.1, and provides physical
boundaries of the specified dimensions based on a 16 mm model pile, with the
free boundary vertical movement modelled by lubricating the inside face of the
container, and the rough base created by gluing sand to the bottom face. This
container was placed 1inside the test chamber to carry out the tests, thus
imposing a stress boundary on the open top face of the sample through the

carbonate sand.

Two numerically modelled cases were tested, representing a 4.5 m diameter
belled pile, and a 10.3 m diameter pile group. The North Rankin strength
categories used for the numerical model and the comparative Oxford strength

categories are shown in Figures 8.9 and 8.10.

For each of the above cases two tests were carried out, one with a sample
cast 1inside the container (the layers prepared directly on top of each other
at ten minute intervals) and then tested in the test chamber, and the other
with a 200 mm diameter sample of similar layer configurations tested in the
test chamber but without the physical restraints of the container. For each,
a uniform sand sample was prepared up to mid depth in the chamber, the sample
placed in the chamber, the pile placed on the surface of the sample and

carbonate sand uniformly placed on top of the sample up to the top of the test
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chamber i.e. the pile was embedded at the top of the sample, the sample was
stressed and the test carried out to a pile penetration of one diameter. The
results of the tests together with the drained finite element analyses (FEA),

scaled and unscaled, are shown in Figures 8.11 and 8.12.

Firstly, the numerical analyses and physical test results give broadly
comparable loads. There is very 1little detail to discuss for the finite
element analyses, the vresults simply showing a stiffer response for the
stronger stratification of Figures 8.9 and 8.11. For the physical tests the
results can be explained 1in terms of the observations made previously for

layer thickness effects.

Remembering that only tvo diameters of foundation material are
considered, based on the vresults of section 6.3 (Figure 6.11) the upper
material would control the initial stiffness with the underlying material
controlling the 1limit state. This can be seen to be the case for the large
test samples. By introducing the container, the effect of the lateral stress
is reduced, allowing the change from the material strengths to be picked up,
with the introduction of the rigid bottom plate causing a continual increase
in bearing stress with penetration. These are consistent features for both
tests and show that sample thicknesses greater than two diameters should be
considered when performing numerical analyses, whilst being imperative for
limit analyses; the thickness effect can be seen to affect the results within

the 10% working displacement range.

The results from this comparative study have shown that although the
bearing stress values are of comparable magnitudes for the numerical and
physical experiments, the physical tests have shown greater detail in terms of

response characteristics.
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CHAPTER 9 APPLICATION TO DESIGN

9.1 Introduction

It is felt that the unique characteristics and behaviour of calcareous
soils has been clearly illustrated. However, when faced with such sediments
as foundation strata, analyses must be performed. It is therefore the aim of
this «chapter to «compare existing methods of analysis (primarily semi-
empirical, and derived for non calcareous soils) with the test results
obtained, in order to provide some direction to the design process. It should
be «clearly stated that the test results can only be applied to a limit state
drained bearing capacity analysis, where displacements to limit state may be

large and possibly unacceptable for design purposes.

For a pile foundation analysis 1in layered uncemented and cemented
calcareous soils the design process for a single driven pile can be greatly
simplified 1into (i) assessing self weight penetration (ii) assessing driving
resistance (iii) calculating bearing capacity ftor a chosen bearing stratum
(assumed to be cemented). Driving resistance is considered to be highly
dependent on the equipment used and therefore will not be considered. Other

factors are subsequently discussed.

9.2 Bearing Capacity in Layered Strata

9.2.1 Bearing capacity in carbonate sand

Details of the determination of bearing capacity in carbonate sand have
been discussed in Chapter 5 where it was shown that skin friction made a

negligible contribution to bearing capacity, and end bearing could be



quantified by -equation 5.1. This solution may be used not only to deiermine
the end bearing capacity of a pile in carbonate sand., hut also tc derermine

self weight penetration during installation.

If a typical offshore pipe pile is considered of 1800 mm diameter snd 50
mm wall thickness, 100 m long, for an unplugged analysis the sell weight
bearing stress is 8.1 MPa. By substitution into equation 5.1 a mean efiective
stress of 355 kPa is obtained, and for a soil with a KO value of & ' =ng an
effective unit weight of 7kN/m3, this represents a penetration valuc ~f 76 m.
This wvalue 1is not unreasonable for completely uncemented sediments - Cffshore

Engineer, 1985).

9.2.2 End bearing capacity in cemented layer

Intuitively there is a number of possible mechanisms to cunsidger, and
these are sketched in Figure 9.1 (a) to (d). For a relatively ‘ri+r " ayer s
form of punching shear (a) may occur; however, if this layer is wery sirong

and the underlying material weak then the layer may fail in flexure, with
circumferential and radial yield lines prominent (b). For a thirr = vi- =t
a classical bearing capacity failure may occur beneath the pile - , but
for a reasonably strong material with a high porosity, compression and
indentation may result beneath the pile tip (d). A primary . =« =i thi
research programme has been to verify if such mechanisms occur, =~ = iy
controlling parameters in the formation of such failure modes. OJunly the
flexural mechanism (b) can be eliminated immediately as no flexur= . ~z. ires
vere observed for the range of tests carried out. The other mzel -ors w i

be discussed further.

The problem can be dissected into two areas. Firstly the Jetvivirays o

of the bearing capacity for an infinitely thick cemented layer woe e =0 re
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occurs within the rock mass and is unaffected by the thickness of the layer,
and secondly where the layer thickness plays an important role in directing
the resultant bearing capacity. This 1is seen as less than that for an
infinitely thick layer and may result from punch through or some other form of
mechanism. The bearing capacity for an infinitely thick layer will be

discussed first.

The question which comes to mind for the analysis of this problem is
should rock mechanics or soil mechanics bearing capacity theory be used? This
question has been addressed by Pells and Turner (1980) and Brown (1984) who
suggest that there are two major reasons why the standard bearing capacity

analyses developed for soils may not be applicable to rock:-

(i) many rocks behave as brittle or strain-softening materials under
the stress regimes to which they are submitted under foundations,
whereas soils tend to behave plastically.

(ii) the presence of discontinuities (joints, bedding planes etc.)
influences the behaviour of the rock mass by providing planes of

wveakness on which slip may occur preferentially.

The presence of discontinuities has not been observed for cemented
calcareous soils and they may therefore be treated as a homogeneous rock mass,
and therefore (ii) 1is not applicable. Based on the results presented in
Chapter 3 and Chapter 6 it has been shown that the cemented carbonate sand
(being classified as a very soft rock) can behave in both a brittle and
ductile manner under the envisaged foundation stress regimes. Soil and rock
mechanics bearing capacity theory must therefore be considered. As indicated
in Chapter 3, defining strength parameters for the cemented material is
extremely difficult, but is essential since such parameters need to be used in

bearing capacity analyses.
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The material might be expected to show c’-¢’ characteristics, with the
cohesion representing the interparticle cementing and shearing resistance
being provided by the crushed particles. Figures 9.2 to 9.4 clearly show that
this 1is not the case, where the 'medium’ and ’strong’ material should be
treated as a ¢’ = 0 material. Assuming the Mohr-Coulomb failure criterion
appropriate parameters have been derived from Figures 9.2 to 9.4, and together

with parameters derived in Chapter 3, the cemented materials may be classified

as follows:-

"weak’ - ¢ = 23, ¢ = 203 kPa, Ofe = 0.65 MPa, E’ = 74 MPa,
Opy = 0.1 MPa, v = 0.30

"medium’ - ¢ = 0, ¢ = 0.78 MPa, O = 1.5 MPa, E’ = 217 MPa,
Opy = 0.24 MPa, v = 0.30

"strong’ - ¢’ =0, ¢" = 2.05 MPa, Of. = 4.0 MPa, E’ = 770 MPa,
Oy = 0.64 MPa, v = 0.30
vhere Ofe = uniaxial crushing strength, and Orp = uniaxial tensile strength.

As previously stated, both brittle and ductile failure mechanisms have
been observed and therefore the three categories of theoretical approach
suggested by Pells and Turner (1980) will be considered, i.e.

(i) methods based on plasticity.
(ii) simplified methods allowing for brittleness effects.
(iii) methods based on limiting the bearing stress to a value less than

required to initiate fracture.
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9.2.2.1 Methods based on plasticity

Bearing «capacity analysis for soils make use of the Limit Theorems of
Plasticity Theory for finding upper and lower bounds to the true failure load.
Based on this approach Pells and Turner (1980) suggest that for rock material,

the cohesion term in Terzaghi’s bearing capacity formula dominates, reducing

the formula to

Nc
qll = UfC WN ..... (9.1)
¢
where
4, - ultimate bearing pressure
ST uniaxial compressive strength
NC = bearing capacity factor (a function of ¢)
Ny = tan (45 - 2

Equation (9.1) must be modified by a shape tactor, S, for a circular footing,

and a depth factor dC (Brinch Hansen, 1970). Equation (9.1) becomes

The results of applying this solution to the ’'weak’, ’'medium’ and ’'strong’

materials are given in Table 9.1 (page 9-11).

Nielsen (1984) defines concrete as a rigid, perfectly plastic material
with the modified Coulomb failure criterion as vield condition and

deformations governed by the associated flow rule (normality condition), and

discusses 1limit analysis based on concrete plasticity. The theoretical
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results achieved have to be modified by an empirical factor, but the
application of such concepts has been successful. O0f particular interest is
the determination of an upper bound solution for the ultimate punching force
in concrete slabs (punching shear) originally discussed by Braestrup (1979).
Here the shape of the failure surface (shown in Figure 9.5) and the features
of the punched out section (Plate 9.1) show remarkable similarity to those
achieved during the present tests which were discussed in detail in section
6.5 and classified as brittle type failures, therefore the analysis is
considered applicable. Jiang and Shen (1986) have modified the Braestrup-
Nielsen solutions for practical use in which the ultimate punching load (P in

Figure 9.5) is given by

P =(K+ 1) o’fts h L. (9.3)
vhere P = ultimate punching load
s = (d +h)

d = diameter of loaded area
h = thickness of slab (taken as 3.5d, this being
the thickness at which punch through failure
occurred, see section 5.6)
K:%[m+2(1—f_m+_1)]
m = ratio of compressive to tensile strength
o' ., = effective tensile strength = Vi %%y

Of .= uniaxial tensile strength

v, = effectiveness factor = /%Lé

fe

Tf” uniaxial compressive strength (MPa)

The results of applying equation (9.3) to the ’'weak'’, ‘medium’, and ‘strong’

materials are given in Table 9.1 (it should be noted that the effectiveness
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factor has been derived in a similar format to that given by Nielsen (1984)

but with the numerator derived for the range of calcareous soil strengths).

9.2.2.2 Simplified methods allowing for brittleness effects

Davis and Booker (1974) have used a simple ’'box model’ (Figure 9.6) to
show that for a frictionless material the bearing capacity is significantly
reduced when brittleness is introduced into the material. Based on a series
of model footing tests using the 'box model’ Pells and Turner (1980) found
that at an early stage failure occurred beneath the footing and the material
in this zone was crushed (reduced to residual strength), with all cohesion
destroyed but with the same angle of friction as the intact material. They
proposed a modification to the Simple Bell analysis, Bell (1915), in which the
material beneath the footing 1is at residual strength with no cohesion and

friction angle ¢r equal to that for the crushed material, giving

¢

vhere N¢ = tanh(45 +

ol
~

[o
with ¢r taken as 45 (an explanation for this choice is given later) for the
'wveak’, 'medium’ and ’strong’ materials the results of applying equation (9.4)

are given in Table 9.1.

As stated, Pells and Turner (1980) found the failure of rock under a
footing to be <characterized by the formation of a completely crushed zone
beneath the footing, either taking the shape of a truncated cylinder or
roughly hemispherical. Similar observations had been previously made by
Ladanyi (1966, 1967, 1972, 1976) and Ladanyi and Roy (1972), and sketches of

the failure modes observed in tests at different depths of embedment are shown
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in Figure 9.7. On the basis of such observations Ladanyi proposed that the
bearing capacity failure of a deep circular punch in brittle material consists

of the following sequence:-

(1) Incipient failure - the stress distribution is elastic and first
cracks appear where the failure criterion is satisfied.

(ii) Intermediate phase - a roughly hemispherical zone of crushed rock
forms beneath the bearing area. With increasing load, the crushed
zone expands radially into the surrounding elastic material
causing radial cracks to develop.

(iii) Ultimate failure - horizontal pressure from the crushed zone leads

to spalling outside the loaded area.

Ladanyi analyses the intermediate phase using his theory for the
expansion of a spherical cavity in an infinite elastic brittle - plastic
medium (Ladanyi, 1967). This concept appears particularly attractive in view
of the observations made during the test series. Ladanyi’s solutions were
developed for shallow foundations on very strong rocks, and for the case of
zero 1initial stress in the rock mass. Brown (1984) has used the methods set
out by Ladanyi (1967) to develop ’'high’ ambient stress solutions, and Brown’s

and Ladanyi’s ultimate bearing capacity solutions are presented.

Ladanyi gives an approximate upper bound solution for the ultimate

bearing capacity of a foundation on brittle ¢’ - ¢’ rock as,
q, = Py (1 + tan ¢C) el e (9.5)
¢ -a
where P, = (Ofc + SC) [3& 5 eav} - SC ..... (9.6)
Of. = uniaxial compressive strength of the intact rock
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S = ¢ cot ¢c = Coulomb shear strength parameters for the
crushed rock
E,v = Young’s modulus and Poisson’s ratio of the intaci rock
¢ =1 - 1 - v
B V2n
n = cfc/cft

Opp = tensile strength of intact rock
e = average volumetric strain (positive for a volume decrease}
undergone by the rock in reaching the crushed =z+ste

a = 4 sin ¢C / 3(1 + sin ¢C)
Equation (9.6) will apply to equation (9.5) if

n 3 - sin ¢’ L
3 7 3(1 - sin ¢') S

initial lateral stress in the rock

vhere
Py
¢’ = angle of shearing resistance of intact rock

if this is not the case then equation (9.8) will apply to equatiocn % )

_ 3(1 + v) ] -
Py = (po + 5.+ o F) [ 2E gef * Cav T Pe
p
vhere F = 4 2(n - 2) o
n+ 4 n + 4 o
fc
There are a number of parameters which must be estimated i.e. Co ¢C 1nd ey
As discussed in Chapter 5, Noorany (1985) carried out tests »+ -rushed
carbonate sand and found no deterioration in the friction angle . ‘nat

the friction angle has been taken as that of carbonate sand anu ~c¢ «ymined
from equation (3.1), Chapter 3. The crushed material formed beneati ‘he pile
tip for the model tests detailed in Chapter 6 was found to possess z certain

amount of inherent strength but could be displaced by mogder-7c tinger
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pressure, a nominal cohesive strength (CC) of 100 kPa has therefore been
assigned to this material. The volumetric strain to crushing S is a
difficult parameter to quantify; here it is considered that the best estimate
can be made from the oedometer tests on the cemented material, where the

strain required to cause the change in slope of the e - log p’ curve (section

3.3.7) has been taken as €y (range 6.5% to 11.5%).
The results of applying Ladanyi’s cavity expansion theory to the ’weak’,
'medium’ and ‘strong’ materials are given in Table 9.1 (where P, has been

taken as 0.25 MPa to correspond to the laboratory test conditions).

9.2.2.3 Incipient Fracture Solutions

The 1incipient fracture theory aims at quantifying the bearing pressure
for the start of failure at some point in the material beneath a footing based
on the Griffith «crack model. It is felt that such a model, which assumes a
number of small inherent cracks in the material does not provide a realistic
model of the high porosity, soft rock. Also the available solutions do not
allow for the influence of depth of embedment or overburden pressure, and are

not considered further.

Table 9.1 provides a comparison of the methods of analysis and the model

test results, and Figure 9.8 gives a graphical representation of the

calculated ultimate bearing capacity as a function of the uniaxial strength.
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Table 9.1

Solution/Material "weak’ "medium’ "strong’
a, (MPa) (MPa) (MPa)
Model Test Results 8.2 13.0 20.8

Plasticity Solutions

Pells and Turner 5.9 9.7 25.9
Jiang and Shen 8.0 12.7 20.8
Simplified Solutions

Allowing for Brittleness

Effects

Modified Bell 3.8 8.7 23.7
Ladanyi’s cavity expansion 6.6 12.5 25.5

The results show reasonably good agreement; it can be seen that all
theories underestimate the test results for the ’weak’ and 'medium’ material,
and three out of four overestimate for the ’strong’ material. It is not
considered of advantage to recommend the use of any particular solution for a
given case as each of the above solutions can be subjected to theoretical
criticism, and all are empirical. It must be emphasized that the most
difficult parameters to assign are the strength parameters and it should be
noted that the ‘medium’ and ’'strong’ cemented materials have not been assigned
any frictional vresistance in the intact state for the confining stress range

used.

Having considered an infinitely thick cemented layer, the question must
be addressed, when does layer thickness become important? Before defining
critical dimensions based on the model tests carried out, it is perhaps worth

reviewing the available literature.
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Meyerhof (1976), in association with a number of co-workers (Valsangkar,
Sastry, Hanna) has studied the hehaviour of foundations in layered soils Nt
particular interest are the tests on 1loose and dense sand. Generally on
jacking model piles into layered strata the limits (or controls) defined in
Figure 9.9 were established. The bearing stress was found to increase when
the pile was three diameters above the dense sand and required ten diameters
of penetration to reach the limit bearing capacity in the dense layer. Also,
the bearing stress dropped from this limit bearing stress when the pile was
ten diameters from the bottom of the dense sample. This would imply thai a

layer must be greater than 20 diameters not to exhibit a layer effect.

In contrast Hanna (1981) found that surface footings loaded on dense sand
overlying 1loose sand did not sense the underlying loose material whoeo t(he
dense layer was thicker than two footing diameters, though this value 1g of

course dependent on the relative strengths of the two layers.

Meyerhof (1960) studied the bearing capacity of floating ice sheeuvs by
field observations and small-scale loading tests. He concluded that .f the
contact radius (a) 1is greater than about one-fifth of the thickness :f (he
bearing material (ice sheet), the surface penetration resistance decreases
with smaller ratios éf h/a until the lower limit of punching resistance is

obtained at about a = h.

If a foundation stratum 1is thought to be suspect to punch through
there are two methods of analysis in general use; the punching coefficient

method, and the projected area method.
The punching coefficient method is based on the punching theory developed

by Meyerhof (1974) for cohesionless soils. The assumptions invoived in

predicting the wultimate bearing capacity state that at the ultimate ‘oad =z
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soil mass 1in the upper sand layer, roughly a truncated pyramid in shape, is
pushed into the lower sand 1layer (Figure 9.10). Fmpirical punching

coefficients and shape factors are derived from model tests.

The projected area method, popular in the analysis of jack up rig
stability problems, has been derived mainly for the case of sand overlying
clay. It also considers that at the ultimate load a soil mass of roughly
truncated conical shape 1is pusha2d into the underlying deposit, Figure 3.11.
However, it is assumed that the applied load is transmitted through 3 Fauiiive

zone in the wupper layer to a fictitious foundation at the top of ihe

underlying strata. The area of this fictitious foundation is related tu the
surface
assumed slope of the failure in the upper soil layer. Different vaiues
surface
of the slope of the failure - have been proposed.

- Young and Focht (1981) have proposed side slopes of three veriically
to one horizontally.

- Jacobsen et al. (1977) propose an empirical equation related :5 the
relative bearing capacities of the upper and lower layers.

~ Baglioni et al. (1982) propose that the sides of the failure 2z.:.« azke
an angle equa; to the angle of shearing resistance of the unpar sand

layer with the vertical.

The wultimate bearing capacity is then simply computed for the lows: © =tum

using the projected load area and standard bearing capacity theory.

A similar concept has been proposed (McClelland, 1985) for = _.uented
layer, incorporating a circumferential shear surface, and mobilising :ire shear
resistance on this surface together with the bearing capacity of <the

underlying material.
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Whilst these methods of analysis and controls are considered applicable
to surface loading problems, they are not considered applicable o iecep
foundation problems as they are based on, or incorporate, empirical fFactors
primarily derived from model tests in which the similarity requirements of
dimensional analysis are not satisfied. The model tests carried out within
this research programme have clearly shown the primary importsnce of
incorporating the confining stress into any form of analysis for layers
subject to a thickness effect (controls subsequently defined), sc¢ thzv - an
empirical prediction model will be derived based on the model tests carried
out.

Before dealing directly with the formulation of the empirica! ived: ticn
model, it should be mentioned that additional techniques are avai.azb.. o oy
determining pile bearing capacity in layered strata. These are based on in.
situ testing of the soil profile, and are known as the /CPT cal brsiion
method’” determined from a cone penetrometer profile, Fugro (198%° i ihe
"semi-empirical PLT method’ derived from plate load test load-di:.:!=cement

curves, Parry (1978). It is not propo

tests.
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9.3 The formulation of an empirical prediction model

As previously stated, it is considered more useful to develop empirical
solutions based directly on the model test results than to try to apply
existing empirical solutions, which have themselves been derived from model

tests in which the testing procedure is not entirely satisfactory.

There are two major cases to consider, the pile driven (jacked) through
overlying strata into the bearing stratum, and the pile directly loading the
bearing stratum (i.e. drilled in place). These <cases will be discussed
seperately as driven piles and embedded piles, and only refer to closed end

sections.

9.3.1 Driven piles

Based on the model tests a number of characteristic features hzd seen
observed and these have been discussed in section 6.5, in which a number of
controlling parameters was defined. Based on these parameters the following
procedure may be used to predict the bearing stress response of a pile jacked

into a single cemented layer within a sand stratum.

1. Calculate the mean effective stress at foundation level (am).

2. Calculate the steady state bearing stress 1in sand stratum 'qS Evom
equation 5.1.

3. From determined value of uniaxial compressive strength or rod index %est
’P8’ stress calculate limit bearing stress for cemented layer {qc1 from

equation 6.1.
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4. Set up failure envelope, with envelope 1line running from 2.5 pile
diameters above the surface of the cemented laver on the steadv state
sand bearing stress line to 0.5 pile diameters below the surface of the
cemented layer on the 1limit state bearing stress line of the cemented
layer. This <constructs the failure envelope for the system, as shown in
Figure 9.12.

5. The thickness effects may now be applied. If the cemented layer is less
than three pile diameters (D) thick, departure from the failure envelope
will occur when the pile has moved a distance below the 2.5D change point
(point A on Figure 9.12) equal to the thickness of the cemented layer. If
the layer is equal to or thicker than three pile diameters then departure
from the failure envelope will occur when the pile tip is 3.5D above the
base of the cemented layer.

6. The failure envelope may be completed by a line running from the envelope
departure point to the steady state bearing stress for the underlying
material at the elevation of the bottom of the cemented layer. The actual
closure line will be dependent on the cemented layer strength to

confining stress ratio, and may be of a brittle or ductile form.

Examples are shown 1in Figures 9.13 and 9.14 for cemented layers of two

and eight pile diameters thick.

The controls defined above imply a change of failure mechanism at a
cemented layer thickness around three pile diameters. No physical
characteristics were observed to support this theory, and further work would
be required around these thicknesses to provide additional information.
However, it would appear that a minimum thickness of four pile diameters is

required to avoid thickness effects and reach a limit state.
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This methodology may be applied to multi-layered systems by calculating
the appropriate limit state values for the cemented lavers ahnwe and helow the
proposed bearing stratum. An example 1is illustrated in Figure 9.15 for a
"strong’ cemented layer, one diameter thick, sandwiched between a ’weak’

strength layer above and a 'medium’ strength layer below.

The prediction procedure outlined can be programmed into a microcomputer

to generate results similar to those previously defined.

9.3.2 Embedded piles

The formulation of a similar procedure for embedded piles is not as clear
as for driven piles as the data base is smaller, and tests have only been
evaluated at one strength. Therefore, only limited recommendations can be made
as no existing solutions are directly applicable to the results (no punch
through failures were observed). The following procedure should be carried

out.

1. Calculate the mean effective stress at foundation level (cm).

2. Calculate the steady state stress, or limit state stress of the
underlying material.

3. Construct the failure envelope, with the envelope line running from zero
bearing stress to the limit state bearing stress for the cemented layer
at a penetration of one and a half diameters. A linear line should not be
drawn between these two points, but the line should show increasing
curvature, 1in accordance with values established from rod index tests if
they have been carried out (sze Figures 6.10 and 6.11).

4. Any layering analysis should be carried out within the established

criteria.
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5. The failure envelope should be closed as detailed for the driven pile

case.

Reference should be made to Figures 6.10 and 6.11 for typical features.
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CHAPTER 10 DISCUSSION AND CONCLUSIONS

10.1 Summary discussion of test results and observations

10.1.1 Materials

A satisfactory testing material was found which exhibited the cssential
characteristics, both 1in physical properties and engineering behaviauy, of
calcareous soils. An artificially cemented material was created oy using
gypsum plaster as a cementing agent, resulting in the production of a3 material

of controlled and repeatable strength and deformation properties.

A limited number of standard laboratory tests has beern conducted,

primarily to quantify significant engineering parameters and allow ~omparison

with similar parameters observed for other materials.

10.1.2 Experimental equipment

Equipment was developed especially to carry out this invesu.vs":. The
major 1item was a streés controlled testing chamber which allowed .sidicpendent
application of a horizontal and vertical confining stress to a “csi .ample,
this was necessary to satisfy dimensional analysis modelling criier .- =od has
played a «critical role in understanding the effect of confining stress
on the failure mechanisms for layered strata. Model piles of 16 wwm diaumeter
vere installed 1into the dry test sample by the use of a “isnizcement
controlled jacking mechanism at a displacement rate of 0.1 ww'= Other

items of equipment have been developed to support the experiments
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10.1.3 Bearing capacity in carbonate sand

A number of tests‘ was carried out in which the model pile was jacked
into carbonate sand only for a variety of confining stress levels. Consistent
observations were observed of an annulus of crushed material around the pile
wall and a bulb of crushed material beneath the pile tip. The annulus ot
crushed material was found to 1limit the transfer of lateral stress onio the
pile wall resulting in low values of skin friction (negligible by compsiison
with the end bearing stress). A steady state bearing stress was achieverd for
each confining stress 1level, and this has been quantified as a power saw
function of the mean confining stress. The relationship is non-linear and
found to increase at a decreasing rate with increase in mean confining . resg
Such behaviour has been compared with existing design conceptis o~ skin

friction and end bearing in calcareous soils.

10.1.4 Tests on single cemented layers

A series of tests was performed incorporating a variety of zeumenved
layer strengths, thicknesses and confining stress levels. The esults
indicated consistent failure patterns and modes of behaviour. The imporiance
of cemented layer thickﬁess wvas identified, and samples with a layer thi kness
less than four pile diameters were found to be liable to layering ~ffects,
where the bearing capacity will not reach the limit state value ideni.iicd for
an infinitely thick cemented layer, and the peak bearing capacity may be
achieved prior to the pile penetrating the cemented layer. The limit state
value was found to be independent of confining stress level and remained
constant throughout a layer wuntil the pile tip was three and a nz'7 9ile
diameters from the base of the layer, at which point the bearing :apaciiy
reduced to the value appropriate for the underlying material. The dost peak

pehaviour for all cemented layer thicknesses was found to be dependent >r the
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strength of the cemented layer relative to the magnitude of the confining
stress, and this dictated whether a brittle or ductile type failure mechanism
occurred. The brittle mechanism resulted 1in radial and circumferential
cracking at the base of the sample with the ductile mechanism showing a
complete absence o0f cracks and exhibiting significant plastic flow in the

penetration area.

The behaviour of a pile loaded directly above the cemented layer surface
i.e. an embedded or drilled pile, showed significantly different behaviour
from the pile jacked through upper strata, but the final failure mechanisms

observed were comparable.

10.1.5 Brittle and ductile behaviour

A general trend from brittle to ductile behaviour for the cemented
material wunder increasing confining stress has been observed, both in the
triaxial tests and the bearing capacity tests in the testing chamber. From
the limited range of ‘tests carried out it would appear that the transition
from brittle to ductile behaviour (ductile being applied in the absence of
radial and circumferential cracking) very approximately occurs when the ratio
of the uniaxial compressive strength to the mean effective stress falls below
20. The smaller this ratio the more ductile the behaviour, the greater the
ratio the more brittle the behaviour. This can be an important guideline in
understanding the deformation mechanism of any problem, although it should be
emphasized that the limit bearing stress (applicable only to cemented layers
greater than four pile diameters) remains unaffected by the confining stress

level.
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10.1.6 The effect of pile geometry

Tests were carried out to study the effect of changing the pile diameter
and the pile type. A limited number of tests was performed using model vpiles
of 8mm and 32mm diameter. The results were found to be quantitatively
consistent with the 16mm diameter tests. Two pile types were examined, an
open ended pile, and a 60° cone tipped pile. The open ended section remained
essentially unplugged during installation through carbonate sand and partially
plugged in cemented carbonate sand. It was concluded that the open e¢nded
section was subject to a scaling problem due to the thickness o¢f the wall
relative to the soil particle size. The cone tipped pile was found to bebave
in a similar manner to the solid section pile of equivalent diametexr, « ih “he
bulb of crushed material formed beneath the pile tip, enveloping und mzsking

out the effect of the cone.

10.1.7 Tests with special applications

A number of tests was performed to investigate a variety of appiscation

problems. Multiple cemented layers were considered, and it was shcws “hui “he
principles established for the single layer tests could be suu:ciiaiuildy
applied to multi-layer systems by using superposition techniques 4 vock

socket simulation was considered and it was found that the thickness benesih
the 1insert controls the bearing capacity response, and therefore “rive is o
embedment effect. Installation by dynamic techniques was considered by the
use of a driving rig with which it was shown that similar results couid be
achieved to those observed for jacked installation. Extensive
numerical analyses on pile end bearing in layered strata has been v f.vmed,
similar physical tests were carried out to allow comparison ~f The “wn
techniques. The results were found to be quantitatively comparablie, .ith “fre

physical tests providing much greater qualitative data.
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10.1.8 Application to design

Design considerations have been discussed and existing sem) empirical
solutions have been compared with the test results. Plasticity solutions and
solutions allowing for brittleness effects have been shown o woroduce
consistent results, though the design process 1is highly dependen: .n the
choice of strength parameters, and this is itself of great difficulty for such
materials. No existing solutions were found to simulate the layering «iiects
observed in the model tests, so that, entirely empirical procedures have

been developed which allow prediction of pile behaviour in layered sivsia.

10.2 Recommendations for future work

There remain many unanswvered questions concerning pile behaviour in

calcareous soils. This project has attempted to identify mechanisms «.¢ ineir
controlling parameters and tried to provide direction to the desigr .+ cess.
By touching on a number of areas the work has illuminated many ;. -~aible
extensions, where investigations could be more specific. Some of theus Lreas

are identified below.

10.2.1 Standard laboratory tests

Only very crude laboratory tests have been performed as = .- P
project, but these have clearly illustrated the unconventional behav.:.ur of
calcareous soils. Perhaps the direct shear results and the triaxia: =¢ < un
the cemented material are the most striking. and present ample

additional work.
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10.2.2 Parametric model studies

Apart from moving up a scale with the model study to model piles of the
order of 50mm, there are two main areas where progress can be made using the
existing equipment. Firstly, the framework of tests performed could be
filled in’ with more tests at intermediate thicknesses, stress levels and
strengths, also greater attention could be paid to the mechanism formation and
propagation. Secondly, the wundrained problem could be tackled. This would
involve wusing a different cementing agent as the gypsum based plaster is
susceptible to breakdown on contact with watery; however, plasters are
available which do not suffer from this problem. A careful study of the
dimensional analysis of the problem should be undertaken before attempting to

study undrained behaviour under dynamic loading.

10.2.3 Theoretical developments

Before any advance can be made in meaningful theoretical analysis a yield
criterion must be developed for cemented calcareous soils which can cope with
the full range of behaviour which this material can exhibit i.e. brittle,
transitional and ductile with contractile volumetric strains and particle

crushing.

10.2.4 Field work

WVherever possible, advantage should be taken of field conditions to
verify (or disprove) the observations and inferences made from this series of

model tests.
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10.3 Main conclusions

The main conclusions from this study can be identified as :-

* Pile skin friction was shown to be minimal in carbonate sand due to the
formation of an annulus of crushed material around the pile, and it was
inferred that this annulus limits the transfer of lateral stress onto the

pile wall resulting in low skin friction values.

* A bulb of crushed material was found to form beneath a closed end model
pile jacked into carbonate sand. This resulted in a steady state end
bearing stress for a given confining stress. The bearing stress was found

to increase at a decreasing rate with increase in confining stress level.

* A self consistent set of results has been achieved for the study of end
bearing capacity in layered strata, covering a variety of material
strengths, thicknesses and confining stress levels. A critical layer
thickness of four pile diameters has been identified, below which layer

thickness effects dominated the bearing stress response.

* For layer thicknesses greater than four pile diameters a limit state
value was reached which was dependent only on the strength of the
cemented layer. Fall off to a weaker sub layer occurred when the pile tip

wvas three and a half diameters from the base of the strong layer.

* For layer thicknesses less than four diameters the peak bearing stress
was confining stress dependent, for layer thicknesses more than four
diameters the limit state bearing stress was independent of confining

stress.
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Driven (jacked) and drilled (embedded) piles showed significantly
different peak bearing stresses for consistent material and confining

stress properties when layer thickness effects dominated.

Two consistent failure mechanisms have been observed for all cemented
layer thicknesses, classified as brittle and ductile types. Brittle type
failures exhibited extensive radial and circumferential cracking on the
underside of the layer, and ductile mechanisms showed plastic flow with
no evidence of cracking. The transition from brittle to ductile behaviour
occurred when the vratio of uniaxial compressive strength (cfc) to mean

confining stress (om) fell below 20.

Model pile diameters of 8, 16 and 32 mm showed consistent behaviour.
o]
A 60 cone tipped model pile showed behaviour consistent with a flat

ended section of similar diameter.

Multiple cemented layers behaved as a series of single cemented layers,

encouraging the use of superposition techniques for prediction purposes.

The depth of embedment of a pile in a cemented layer (i.e. socket or
insert piles) had little effect on the bearing stress response which was

controlled by the thickness of material beneath the embedment.

Dynamic installation of a pile by a driving rig showed consistent
behaviour patterns to jacked installation, and the results achieved by
jacked installation are considered applicable when dynamic techniques are

used.
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* The results obtained by physical modelling, and independent numerical
modelling, were consistent for similar strata configuraiions, with

physical modelling providing greater qualitative data.

* Existing semi- empirical solutions have been compared with *he test
results and were found to be capable of predicting a limit stmic value
for a cemented layer , but unable to predict layering effects. Empiracal
prediction procedures have been developed which allow both etferis o bhe

evaluated.

It is considered that this study has been successful in its intestion to
provide an understanding of the end bearing capacity of piles v .yered
calcareous soils, and a number of problems has been addressed However,
vhilst every effort has been made to satisfy scaling laws, the applicaiion of
these results to full scale problems should be considered carefully. 're use

of qualitative concepts is encouraged, but the use of quantitative ds:c houlg

be approached with caution until field verification can be obtainec
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Figure 1.13 - Typical shapes of compression zones from model

(after Jewell, 19835a,b)
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Figure 6.12 - Infinitely thick layer test (1/4)
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Figure 6.19 - Mechanism development prior to penetration of cemented layer
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Plate 2.1
General view (1)
Dogs Bay, Connemara

W. Ireland

Plate 2.2
Sand extraction area
Dogs Bay, Connemara

W. Ireland

Plate 2.3
General view (2)
Dogs Bay, Connemara

V. Ireland
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Plate 3.1
Dogs Bay

carbonate sand

;..__1_4 1 mm

Plate 3.2
Dogs Bay

carbonate sand

—{ 0.1 mm

Plate 3.3
Fractured

foraminifera grain

= 0.01 mm




p——————{ 0.1 mm

Plate 3.4 - Cement coated particle

= — 0.1 mm

Plate 3.5 - Cement coated foraminifera grain bonded to other particles
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Plate 3.6 - Rod index test, spherical compression zone for ‘weak’ material

Plate 3.7 - Rod index test, shear cracks for

"strong’ material
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Plate 4.1 - Testing chamber - illustrating sample former

Plate 4.2 - Testing chamber - circumferential membrane fixed in position

P-5



Plate 4.3 - Testing chamber - base membrane fixed in position

Plate 4.4 - Testing chamber - ready to receive test sample
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Plate 4.5 ~ Testing chamber with jacking mechanism attached
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Plate 4.6 - Types of model pile

Plate 4.7 - Cemented layer preparation mould
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Plate 5.1 - Open hole and annulus of crushed material following push-in and

pull-out test
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Plate 6.1
0.5 pile diameter
cemented layer

brittle failure

Test No - D8

Plate 6.2
1.5 pile diameter
cemented layer

brittle failure

Test No - D9

Plate 6.3
5.0 pile diameter
cemented layer

brittle failure

Test No - D21



Plate 6.4

0.5 pile diameter
cemented layer
ductile failure
(cracks due to

sample extraction)

P

Test No - D17

Plate 6.5
1.5 pile diameter
cemented layer

ductile failure

Test No - D16

sortom | ‘

Plate 6.6

5.0 pile diameter
cemented layer
ductile failure

Test No - D20
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Test No - K9

Plate 6.7 - Punched out section - brittle type failure

Plate 6.8 - Continued penetration - brittle type failure
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Plate 8.1 - 'Test pot’ for physical modelling of numerical analyses boundary

conditions

Plate 9.1 - Punching shear failure surface from pull-out test

(after Braestrup, 1979)
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List of Symbols

c Cohesion

CC Compression index

Ec Datta’s crushing coefficient

dC Pile depth factor

dg Average grain size

D Pile diameter

D50 Diameter at which 50% of the soil is finer
e Void ratio

E Youngs modulus

Ei Initial tangent modulus

ElO Secant modulus at 10% axial strain

G Shear modulus

h Thickness of cemented layer

Ir Rigidity index

IS Point load index

K Maximum principal stress ratio

KO Effective stress ratio

m Ratio of compressive to tensile strength
n Model scaling factor

NchN¢ Bearing capacity factors

p Mean principal stress

P, Atmospheric pressure

Py Ambient (mean) effective stress

P Punching load

P8 Rod Index Test bearing stress at 8 mm penetration
q End bearing stress

q’ Deviator stress

q.1 Cemented layer limit state bearing stress



q Steady state bearing stress

s
qa, Ultimate bearing stress

r Pile radius

SC Pile shape factor

) Pile displacement

) Soil pile interface angle

Eqr Rigidity factor

v Poisson’s ratio

Vi Effectiveness factor

90,05 Principal stresses

O Uniaxial unconfined compressive strength
Oy Tensile strength

og Sand grain crushing strength

% Horizontal confining stress

oﬁ Effective horizontal stress

g, Vertical confining stress

cé Effective vertical stress

c& Effective mean stress

cﬁ Effective normal stress

T Unit skin friction

¢ Angle of shearing resistance






